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The Horsetail Creek Bridge (HCB), constructed in 1914, is located along the Historic

Columbia River Highway in Oregon. The original cross beams from the HCB were

substantially deficient in shear strength, particularly for the projected increase in traffic loads.

One control beam and three beams with varying configurations of a carbon fiber reinforced

polymer (CFRP) and a glass fiber reinforced polymer (GFRP) were constructed to simulate

the retrofit of the actual HCB cross beams. CFRP unidirectional fabrics were applied to

increase flexural capacity and GFRP unidirectional sheets to mitigate shear failure. Third-

point bending tests were conducted, and load, deflection and strain data were collected.

Fiber optic sensors and conventional resistive gauges were placed to provide an overall

behavioral understanding of the unstrengthened and strengthened beams.

Results revealed that the FRP composite strengthening provided static (total applied

third-point load) capacity increases of 45% for the addition of either CFRP or GFRP when

compared to the unstrengthened beam. The addition of both CFRP and GFRP increased the

moment capacity by 100%. Post cracking stiffness of all beams was increased primarily due

to the flexural CFRP. Results suggest that the experimental beams retrofit with both the

designed GFRP and CFRP should well exceed the bridge design load of 530 ft-kips,

sustaining up to 640 ft-kips applied moment. The addition of GFRP alone for shear was

sufficient to offset the lack of steel stirrups and allow for a conventional reinforced concrete

beam failure by yielding of the tension steel followed by crushing of the concrete. The

resulting ultimate deflections of the shear GFRP reinforced beam were nearly twice those of

the pre-existing shear deficient beam. Experimental beams retrofit with only the designed

CFRP still failed as a result of diagonal tension cracks, albeit at a 45% greater load than for
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the unstrengthened beam. The experimental beam retrofit with only the designed shear

GFRP failed in flexure at the midspan at a 45% higher load than the control specimen, with

the failure mechanism in this case being yielding of the tension steel followed by concrete

crushing.

A design method for flexure and shear was proposed before the onset of this

experimental study. The design procedure for flexure was refined and allows for predicting

the response of the beam at any applied moment. The flexural design procedure includes

provisions for non-crushing failure modes, and was shown to be slightly conservative using

the design material properties.
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Strengthening Reinforced Concrete Beams using FRP Composite Fabrics: Full-Scale
Experimental Studies and Design Concept Verification

CHAPTER ONE: INTRODUCTION

SIGNIFICANCE OF RESEARCH

Upwards of 40 percent of the bridges in both the United States and Canada are

structurally deficient (Cooper 1990; Rizkalla & Labossiere 1999). Structural elements

composed of concrete and reinforcing steel are frequently found inadequate to sustain

current or new load levels imposed on the structure. Degradation of some structures has

occurred due to a range of problems from corrosion to fatigue of reinforced concrete

members. A handful of techniques is currently used to retrofit (structurally repair or

enhance) these members. External post-tensioning, addition of steel plating and total

replacement have been the traditional methods used to meet the increase load demand.

In recent years a new method of retrofit has increasingly been studied and used to

increase the capacity of reinforced concrete structural elements. The addition of fiber

reinforced polymers (FRPs) externally bonded to a structural member may substantiqlly

increase its static load capacity. FRPs are typically comprised of high strength fibers (e.g.

aramid, carbon, glass) impregnated with an epoxy resin (often termed the matrix). As this

study will show, the addition of these materials can dramatically change the load capacity as

well as the failure mechanism of reinforced concrete beams.

Experimental studies have been conducted using FRP reinforcing on both beams and

columns Field application of FRP is becoming common, but a unified and complete

understanding of reinforced concrete (RC) beams retrofitted with FRP is still lacking,

particularly in the United States. This study investigates the bending behavior of full size

beams in more detail than any previous study known to the author.

HORSETAIL CREEK BRIDGE

Full-scale replicate reinforced concrete beams were fabricated at Oregon State

University. The beams replicated for this research were derived from the Horsetail Creek
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Bridge as shown in Figure 1-1. The bridge is located east of Portland, Oregon along the

Historic Columbia River Highway 100. Horsetail Creek Bridge (bridge no. 04543) was

designed in 1913 by K. S. Billner and is a 60 ft (18.3 m) long, 3-span reinforced concrete

deck girder bridge. Longitudinal and transverse spans, center-to-center of columns are 20 ft

(6.10 m) and the roadway width is 21.5 ft (6.55 m). Figure 1-2 is a replication of the original

elevation drawing used to construct the bridge. A copy of the limited original drawing can be

found in Appendix J.

The Oregon Department of Transportation (ODOT) is currently undertaking an

ongoing effort to load rate state and local agency owned bridges. The source of funding for

some state and local agency bridge projects originates from the Federal Highway

Administration (FHWA). The FHWA has required condition evaluation of all bridges to

ensure future funding. This load rating process involves careful inspection, analysis and

maintenance of the bridge structures. If determined deficient according to prescribed load-

rating methods, the bridge owner is required to either post% retrofit or replace the bridge.

Note that, for the Horsetail Creek Bridge, inspection before retrofit revealed minimal signs

of distress or environmental degradation. Only a few locations of exposed steel under the

bridge railing and curb were visible. However, Horsetail Creek Bridge was rated structurally

deficient according to the accepted procedures and current design, legal and permit vehicles

in the State of Oregon.

Load Rating of Horsetail Creek Bridge
Current ODOT methods of structural analysis for condition evaluation of reinforced

concrete bridges use Load and Resistance Factor Design (ODOT 1996, AASHTO 1989 and

1994) to establish the safe load for a structure. Load Rating is a method that allows an

engineer to assess if a bridge or structural element is at an adequate level of safety for

predetermined loads. Load Rating of the Horsetail Creek Bridge cross beams and

longitudinal beams was conducted by CH2M HILL (1997). In examining these beams, shear

and moment capacities were checked against established truck loading and load factors. The

lack of shear stirrups required the load-rating engineer to use only the concrete section to

resist the induced shear forces. Structural deficiencies were estimated using a rating factor



(RF)of the cross beams, where the RF was found to be 0.5 and 0.06 for flexure and shear,

respectively. Rating factors less than 1 0 indicate substandard structural elements. Selected

details of the load rating and selected calculations are presented in Appendix B.

Figure 1-1. Horsetail Creek Bridge in 1998, prior to retrofit

Figure 1-2. Elevation of Horsetail Creek Bridge

Cause of Structural Deficiency
Investigation was made to determine if the bridge was constructed according to the

drawings, since a notable deficiency was found. The beams were constructed without the

presence of shear reinforcement (required by current standards and knowledge of RC beam

Posting a bridge is typically done using a sign that designates the tonnage of a vehicle type
allowed on a bridge structure. Permits are sometimes required to allow overweight vehicles
to pass.

3

1
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behavior). Shear (more correctly stated, diagonal tension) reinforcement is placed to inhibit

the development of diagonal tension cracks. Once formed, these cracks can propagate

quickly and result in an undesirably sudden failure before full flexural capacity of the beam is

achieved. For this reason, reinforcing (usually steel rebar) must be provided. Adequate

spacing of stirrups in high shear regions enables the reinforcing to effectively control

diagonal tension cracking.

Historic Nature of Horsetail Creek Bridge
The Horsetail Creek Bridge is an "historic" structure and any retrofit scheme needed to

maintain the original appearance of the bridge. Much of the traffic passing over the bridge is

tourist related. Tout buses often stop on the bridge to view the adjacent falls. Since the

Horsetail Creek Bridge (HCB) beams were discovered to be without shear reinforcing and to

preserve the historic character of HCB, ODOT decided to use FRPs to reinforce the beams.

PURPOSE OF STUDY

This study examines the increased load capacity as the result of FRP added to inadequate

RC beams. In addition, this study investigates the behavior of reinforced concrete beams

retrofitted with FRP by examining deflection and strain as a function of load. Experimental

beams were replicated from the existing HCB cross beams in order to:

Verify that the retrofit scheme used to strengthen the HCB was sufficient to resist

the current H520 design vehicle (see AASHTO 1996) live loads.

Use the collected data to develop a more comprehensive understanding of beam

behavior, thus resulting in a verification or modification of the design method, as

initially proposed.

Provide experimental data to be used in the development of and in comparison to

finite element models and results, which are not presented in this study (Potisuk

2000).

Provide, as a pilot study, fiber optic strain data to compare to resistive strain gauge

data and the actual HCB beam fiber optic data as tested in situ.

The fiber optic data were intended to complement conventional resistive strain gauge

data and enable comparison of the results from each. Fiber optic sensors were also installed
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on the actual bridge to monitor static, dynamic and long-term load response. Data has

already been collected and will be compared to finite element models of the bridge.

Currently available ODOT publications related to this research include:

"Testing of Full-size Reinforced Concrete Beams Strengthened with FRP

Composites: Experimental Results and Design Methods Verification," (SPR 387) by

D. Kachlakev and D. McCurry, 2000.

"Behavior of Concrete Specimens Reinforced with Composite Materials-Laboratory

Study," (SPR 387) by D. Kachlakev, B. Green and W. Barnes, 1999.

"Strengthening Bridge Using Composite Materials," (#FHWA-OR-RD-98-08) by D.

Kachlakev, 1998.

"Fiber Optic Sensors for Infrastructure Applications," (#FHWA-OR-RD-98-18) by

E. Udd, W. Schulz and.J. Seim, 1998.

LITERATURE REVIEW

History and General Overview of FRP

Fiber reinforced polymer materials offer significant potential in the field of civil

engineering. FRPs are not chronologically new materials, but have been used in the

aerospace industry for a number of decades. Limited demand and manufacturing procedures

of FRP material has traditionally resulted in high material costs. The first structures retrofit

with these materials were in the late 1950's by H. Islet (Meier 1992a). The first bridges to use

FRP materials in the USA were in the late 1970's. Throughout the 1990's, an increased

interest in these materials has resulted from the need to efficiently retrofit deteriorating

bridge structures. Although much scientific interest in FRP has involved such uses as cables

(for cable-stayed bridges), prestressing tendons and primary structural elements, most

applications to-date involve retrofit with FRP plates or fabrics. This is primarily the result of

three factors: material cost, designer unfamiliarity and insufficient behavioral understanding.

Material Cost

Fiber reinforced polymer materials are often not yet cost competitive with conventional

structural materials in civil engineering applications. If manufacturing procedures improve

and adequate raw materials are available, cost may become more attractive in the future. Low
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modulus carbon FRPs were approximately nine times more costly than structural steel on a

per weight basis in 1992 (Meier 1992b). They are currently estimated as 4.5 times more costly

than structural steel on a per weight basis (Advanced Composites, Inc. 2000). A typical

CFRP material, however, can be 5 times lighter and substantially higher in strength than

steel. Today, material cost is often a relatively small portion of total project costs. The high

material cost of CFRP as opposed to steel (e.g. in plating for flexural capacity increase) can

often be offset by the reduced labor and equipment costs, since placement of FRP is

typically less labor intensive than for steel. Cost was a concern when retrofitting the HCB

and FRPs were in fact selected as the lower overall cost alternative. For this project,

strengthening with external steel plating would have been double the cost of the retrofit

using the adopted FRP composite strengthening.

Designer Unfamiliarity
"Even with Innovative Materials, the Basics Still Matte (Warner 1994), an overview article,

presents many of the important issues that still limit applications of FRP in civil engineering.

FRP materials are anisotropic and inhomogeneous. Even when fabricated to be

unidirectional2 in strength and applied to simple structural elements, prediction of behavior

can be difficult. Compatibility with surrounding materials and adherence are two key issues

that engineers must understand. In some cases FRP materials are modeled as orthotropic

materials. Increasing flexural strength involves proper surface preparation, material selection

and appropriate bond lengths. To further complicate the use of FRP, environmental

durability may be inadequately evaluated and dangerously overlooked. Only until recently

have attempts to form complete design methods using FRP been made. In the USA, ACI

Committee 440 is currently working to establish design recommendations. Due to the

unique nature of each FRP system currently available on the market, the manufacturer or

distributor typically supplies detailed design guidelines. Finally, the wide variability in

material properties may contribute to a general unfamiliarity with FRP products. However,

this wide variability might also be appealing to designers, since material behavior can be

catered to the needs of the specific design application.
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Insufficient Behavioral Understanding
Most of the existing research is based on small beams, which do not sufficiently

represent the structural behavior of full size elements. Most early work involving FRP in civil

engineering applications was to understand how much the static capacity could be increased.

Recently, more detailed work has been conducted on specific behavioral aspects of FRP

applied to RC beams, such as bond and localized stresses at plate ends (Chajes 1996). As the

database of knowledge increases, FRP will find more use in civil engineering structures.

FRP Plates vs. FRP Fabrics
There are two major types of FRP composites used for external strengthening, plates

and fabrics. The different engineering properties of FRP plates versus FRP fabrics generally

result from the manufacturing process. FRP composite plates typically have higher tensile

strength and elastic modulus than FRP composite fabrics. However, their higher stiffness

often makes them susceptible to debonding. FRP plates are typically a controlled product,

manufactured under careful observation. When bonded to any concrete surface, special

preparation or details must be provided to ensure adequate bonding (e.g. surface leveling,

sand blasting and anchorages). FRP fabrics conform to the contours of the retrofitted

surface much better than FRP plates. Since fabrics are flexible, they are more appealing in

applications to reinforced concrete, particularly column wrapping. Localized stress problems

at the FRP end, such as shear peeling or shear failure of the concrete (Arduini et al. 1997)

have been much less commonly observed with fabrics than with plates.

Most of the retrofit work conducted in Europe and Canada has involved FRP plates

(Rizkalla and Labossiere 1999). In contrast, most of the retrofit work in Japan has involved

FRP fabrics (Fukuyarna 1999). The designer must be aware of the assumptions used in

current designs, which will be different depending on whether a fabric or plate material is

used. Design methods for various products have reflected this (Chaallal 1998).

Competing Technology: Steel Plating
Steel plates epoxy bonded to the tension face have been used to increase flexural

capacity (Oehlers et al. 1998) and are in competition against FRPs as retrofit solutions.

2 Unidirectional implies the material has a principal or preferred material direction. Strength
and stiffness are significantly higher along one axis and comparatively negligible along
another axis



Epoxy bonding steel plates is similar to using FRP bonded materials. In particular, FRP

plates are likely to behave much like steel plates when externally bonded to beam soffits.

What often results is the need for anchoring near the plate ends since debonding frequently

occurs due to the high plate stiffness.

Shear Specific Studies
The need to prevent shear failure in older RC bridges has become significant enough

that numerous studies have focused on shear strengthening alone (Cheng et al. 1997, Arduini

et al. 1994, Al-Sulaimani et al. 1994). Full-scale and scaled experimental studies have shown

that proper quantity and placement of FRP for shear strengthening is needed in order to

ensure adequate strength (Cheng et al. 1997). Field applications of FRP for shear retrofit are

gaining popularity (Finch et al. 1994, Crasto etal. 1997). The number of FRP retrofit

projects involving shear strengthening is likely to grow, since many reinforced concrete

structures constructed in the first half of the twentieth century (when reinforced concrete

design was in its early stages) were inadequately reinforced for current design loads.

Flexural Specific Studies
Flexural behavior of FRP strengthened RC beams is better understood, in contrast to

shear, torsion and combined loading. Studies involving flexural capacity increase as a result

of FRP strengthening have been reported (GangaRao and Vijay 1998, Rostasy et al. 1992,

Ritchie et al. 1991, Saadatmenesh and Ehsani 1991). Load capacity increases are usually

reported to be 1.5 to 2.0 times that of the unstrengthened beam. Many studies to date did

not involve full-scale specimens. If designed correctly, FRP can easily be used to retrofit a

structure. Many FRP strengthening projects have been field applications of FRP followed by

minimal experimental studies. Seismic retrofit of columns and pedestrian entire bridges

constructed of composites have also been conducted. FRP materials are not new, rather the

application of FRP to reinforced concrete is relatively new and a complete understanding of

the combined structural behavior is required.

Long-Term Performance and Environmental Durability
Composites respond differently to the surrounding environment compared to

conventional structural materials. If designed properly, composites should "out-last"

reinforced concrete. Carbon FRPs, in general, are much more inert and do not corrode in

8



saline environments (Soudki and Green 1977). However, there are drawbacks. Many glass

FRP materials degrade rapidly under ultraviolet (UV) exposure (particularly if improperly

manufactured). In addition, some matrix materials have a low glass transition temperature3

resulting in excessive loss of stiffness at slightly elevated temperatures (Sorathia and Dapp

1997).

Fatigue
Cyclic loading of FRP reinforced concrete beams has been reported in the technical

literature (Shahawy and Beitelmen 1999). Since the fully strengthened beam used in this

study was not loaded to static failure, cyclic loading of the beam may help to understand the

long term response to repeated design loads. Two items of immediate interest are: the effect

of the FRP reinforcing on the redistribution of stresses to other beam materials (i.e. concrete

and steel) and the resulting overall effect of FRP over many load cycles.

Bond and Surface Preparation
No successful retrofit project can overlook the necessity of proper adhesion. In order

for the material to be effective and the assumptions used in design to be valid (e.g. plane

sections remain plane), proper surface preparation is required. Specific studies involving

concrete and FRP materials have reported surface preparation and its effect on adequate

bond (Chajes et al. 1996). Experimental studies have attempted to characterize the polymer

composite to concrete interface (Xie and Karbhari 1998). Analytical studies have focused on

predicting the debonding failure of cracked beams with bonded FRP and the stress

concentrations at the plate ends (Wang and Ling 1998, Malek et al. 1998).

Published Design Methods
Although a small database of understanding and evidence is available, design methods

have been published in the literature. In 1998 (after the initiation of this project), the first

comprehensive design method was published in Japan (Fukuyama 1999). Since then,

handfuls of articles in the technical literature have reported on designing for FRP

strengthening (e.g. Chaallal et al. 1998). ACT design guidelines are reportedly going to be

published in 2000.

9

3 The glass transition temperature is that above which a material exhibits a reduced elastic
modulus.
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Fiber Optic Gauges
Horsetail Creek Bridge could be considered a smart structure in that strains can now be

monitored real-time by the installed fiber optic gauges. Many applications of fiber optic

monitoring are available now or are likely to be made in the future (Udd 1996). There are

advantages to using fiber optic strain gauges, such as less sensitivity to the environment than

conventional resistive gauges. Fiber-optic technology is becoming more useful for structural

monitoring as the technology is increasing in accuracy and reliability.



CHAPTER TWO: TEST SETUP

REPLICATION OF HORSETAIL CREEK BRIDGE BEAMS

Horsetail Creek Bridge was constructed in 1914. Material properties for both steel and

concrete were notably different during this era of time then they are now. For load rating

purposes, AASHTO (1989 and 1994) specifies the unknown concrete strength of a bridge

constructed before 1959 to be 2500 psi (17.2 MPa) and a steel yield stress of 33,000 psi (228

MPa). Concrete, and particularly steel, are not commercially available now at these low

strengths. Experimental beams were carefully replicated to match beam geometry and

ultimate strength accounting for material property differences. Strength was considered of

greater importance than serviceability issues. Thus, replicate experimental beams better

match strength criteria than stiffness, since the amount of reinforcing steel was reduced to

offset the increase yield strength. Ultimately, the replicated beams matched both the stiffness

and strength of the actual beams within acceptable limits. Further information is provided in

Appendix C.

EXPERIMENTAL BEAM CONSTRUCTION

Four full-scale replicate beams were constructed at Oregon State University. All four

beams were constructed using the same geometry and placement of steel. All beams were

cast in the same form on different days to ensure dimensions were as similar as possible.

Although all beams were poured on different days the same concrete mix and slump was

used; Type I, 3000 psi (20.7 MPa) 28-day strength with 6 in (152 mm) slump. Normal

variations in ambient conditions could not be accounted for, but did not vary with any

significance. Beams were cured in a moist environment (covered with saturated burlap and

plastic sheeting) until removed from the forms 7-14 days after pouring. The four test

specimens were constructed with different FRP reinforcing schemes to compare the effects

of each. A description of each beam is given in Table 2-1 and geometry is shown in Figure 2-

1. Calculations for replication of the experimental beams are provided in Appendix C. The

order of testing the beams was as follows: control, flexure-only reinforced, shear-only

11



reinforced and shear & flexure reinforced beams. Hereafter, these will be referred to as the

Control, F-only, S-only and S&F beams.

Table 2-1. Experimental beam descriptiont

Control

Flexure-only
(F-only)

Shear-only
Control beam with added shear glass FRP strengthening

(S-only)

Shear & Flexure I Control beam with added shear and flexural strengthening in the
: (S&F) same quantity and placement as the F-only and S-only

t See also, Figure 2-1.

Material Properties
Experimental beams were constructed with typical concrete and reinforcing steel, with

properties given in Table 2-2. Given properties are design and not experimental and those

given for the carbon and glass FRP are properties of the composite rather than properties of

the fiber. Material limit strains shown are design values.

Table 2-2. Design material properties

Replicate reinforced concrete beam without shear steel stirrups and
without FRP

Control beam with added flexural carbon FRP strengthening

t Design elastic modulus (Ec = 57,000(fc')1/2) using the design strength of 3000 psi.

12

Material Limiting Stress Limiting Strain Limit State Elastic
Modulus

Concrete
(Compression)

3000 psi
(20.7 MPa )

0.003 Crushing
3120 ksit

(21.5 GPa)

Steel
Reinforcement

60 ksi
(414 MPa)

0.002 Yielding
29,000 ksi
(200 GPa)

Glass FRP 60 ksi
(Tension) (414 MPa)

0.02 Rupture
3000 ksi

(20.7 GPa)

Carbon FRP 110 ksi
(Tension) (760 MPa)

0.012 Rupture
9000 ksi
(62 GPa)

Beam Description
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Beam

Control

F-only

S-only

S&F

Average Measured Pulse Elastic Modulus from
Velocity (km/s) Correlation

3.72 2,810 ksi (19.3 GPa)

3.53 2,550 ksi (17.6 GPa)

t See Appendix G for pulse velocity correlation information.

Steel Reinforcing
Current design of reinforced concrete beams does not account for the presence of bent

bars in flexure or shear strength (if only one is provided). Since precise replication of the

HCB beams was desired, all steel present in the bridge crossbeams was used in the

experimental beams (see replication of beams in Appendix C). There are three main flexural

steel bats extending the full length and two bars that bend up to reinforce negative moment

regions of the beam (as would occur in the actual bridge, but not in the simple span

experimental beams). Smaller reinforcing bars are also provided closer to the compression

face of the beam. Figure 2-2 and Table 2-4 describe the steel reinforcement.

3.60 2,630 ksi (18.2 GPa)

3.48 2,480 ksi (17.1 GPa)

14

Experimental Concrete Modulus
An effort was made to more accurately estimate the actual elastic modulus of the beams

so that a better estimation of beam stiffness properties could be made. A correlation was

made between pulse velocity and compressive elastic modulus, following ASTM standards

(ASTM 1983, 1994 and 1996). From this work, it was determined that each beam possessed

a slightly different elastic modulus, as given in Table 2-3. This correlation was spurred by

possible inadequate predictions of elastic moduli provided using the concrete cylinder

strengths and accepted relationships (Ec = 57,000*(fc')1/2). The elastic moduli estimated using

the actual laboratory cylinder strengths were high in comparison to those calculated from the

design 28-day strengths and those suggested by the pulse velocity tests (see Appendix G).

Table 2-3. Elastic modulus results from pulse velocity correlationt
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Table 2-4. Steel reinforcing details

US Bar Metric Bar
Size

#6

#7

0.31 in2
#16 I Straight and bent steel above elastic neutral

I axis, derived from bridge deck reinforcing

#19

#22

Steel Area

(200 mm2)

0.44 in2

(280 mm2)

0.60 in2

(390 mm2)

4 This is the internal frame testing capacity, typical of column testing.

Location of Reinforcing

Bent reinforcing used for positive and
negative moment reinforcing

Straight positive moment reinforcing bars
present in all bridge beams.

Testing Configuration
All beams were tested in third-point bending (two support and two load points) as

dimensioned in Figure 2-3. No restraint was provided against rotation at the ends of the

beams and supports did not provide fixity aside from developed friction due to normal

forces. Thus, the beams could be modeled as simply-supported. All beams span 18 ft (5.49

m) with a shear-span of 6 ft (1.83 m).

DATA COLLECTION METHODS AND EQUIPMENT

Testing Machine
Loading of the beams was performed with a 600 kip4 (2670 kN) capacity Baldwin

hydraulic test machine with load cell. This machine was designed to be self-reacting,

transferring all forces into the machine's frame. Based on experience and investigations in

this project, when loading beams that span beyond the load frame of the machine, a total

force of 160 kips (712 kN) can be applied. This limitwas reached during the S&F beam test.

16



DCDT 2 DCDT 3

Figure 2-3. Deflection data collection locations (dimensions in mm)

Strain Data
Conventional 2.36 in (60 mm) resistive strain gauges were strategically placed throughout

the beam. Important strain data was collected at the midspan section and two sections in

high shear regions as shown in Figure 2-4. Gauges were placed on the concrete surface, FRP

surface or inside the beam on the steel. Fiber optic gauges were used only on the FRP

52555 NE 205th Avenue, Fairview, Oregon 97024. See: http://www.bluert.com/
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Data Acquisition Methods
Efforts were made to gain as much understanding about the behavior of the beams as

possible. Cracking was observed and mapped, direct current displacement transducers

(DCDTs) were used to collect deflection data, and at least 18 channels of conventional strain

and additional fiber optic strain gauges were utilized. Blue Road Research personnel

monitored fiber optic (FO) gauges'. Dial gauges at midspan were also used to verify the

DCDT 2 data collected. Further discussion of data acquisition and details regarding strain

gauges are found in Appendices A & H.

Deflection Data
Deflection data from three locations were collected to ensure an understanding of the

beam deformation, as shown in Figure 2-3. The dial gauge was placed in the same

longitudinal location as DCDT 2.



reinforced beams (i.e. no fiber optics were used on the Control beam) These gauges were

placed as shown in Figure 2-5. For further information, see Appendix F.

610

2134

= strain data collected

3048

4- +
1067

>-

< 1500

Figure 2-4. Locations of typical horizontal resistive gauges (mm

OC

A

V

Typical Shear Gauge (on beam side)

Typical FRP Reinforced Beam

6096
Beam Bottom

Typical Flexure Gauge (on beam bottom, 3 tota)

Figure 2-5. Typical fiber optic gauge locations (mm)

Beam Cracking
Cracking of all beams was observed during the testing. Complete mapping of cracks was

only possible for the Control beam, since the remaining beams were externally reinforced

with FRP. Chapter 4 provides a complete description of visible cracking patterns. For this

experimental study, crack widths were not measured.

384
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Control

F-only

S-only

S&F

CHAPTER THREE: EXPERIMENTAL RESULTS

TESTING PROCEDURE

All four beams were tested to the maximum achievable load. For the Control, F-only and

S-only beams this was the respective beam capacities. For the S&F beam this was 160 kips

(712 kN) which was the capacity of the testing equipment. The limiting capacity of the

machine was relatively uncertain before testing began and was investigated extensively during

the experimental work. The S&P beam was loaded a second time to 160 kips (712 kN) with

the load points closer to midspan (i.e. not third-point loading) to increase the applied

moment. This, however, did not result in beam failure. This second testing is only briefly

addressed (see Appendix I). Failure modes of the experimental beams is shown in Table 3-1.

Table 3-1. Beam failure modes

19

I Diagonal tension crack (shear failure).

Diagonal tension crack (shear failure).

I Yielding of tension steel followed by crushing of compression concrete
after extended deflections.

No failure observed. Believed to be yielding of tension steel followed
by crushing of the concrete. FRP rupture might occur after significant
deflections due to failure of the concrete.

SUMMARY OF EXPERIMENTAL LOAD AND DEFLECTION

A summary of the experimental load and deflection results is presented in Table 3-2.

Note that the fully reinforced beam did not fail. The load value of 15 kips (67 kN) was

selected for pre-cracking comparison of strains and deflections. In order to ensure data

collection systems were properly responding to applied loads, three cycles from 0 to 15 kips

(67 kN) were made. This also provided more data in the linear region to be compared to

finite element models and allowed for detection of "noisy" and inadequate data collection

Beam Failure Mode



Yielding of main tension steel was only observed during the S-only beam testing.
S&F beam was not loaded to failure due to equipment limitations.
"Significant cracking" is the condition such that the concrete cannot sustain tension
and cracks due to applied loads and not the result of shrinkage or temperature.
The Control and F-only beam failed in shear, moment capacities were not achieved.
Extrapolated from other experimental deflection data. Midspan deflection data
collection device reached limiting measurement during this testing only.
A second loading of the S&F beam achieved a total applied moment of 640 kip-ft.

20

channels. Deflections recorded at midspan of the S-only beam went beyond the limit of

DCDT2 near ultimate loads and were extrapolated using the remaining DCDTs. Figures 3-1

to 3-4 give experimental plots of load vs. deflection. For the third-point loading geometry,

the maximum midspan moment is always the total applied load times Mt (ft-kips units only).

Table 3-2. Summary of experimental load and deflection

Measurement Control F-only S-only S&F

Midspan Deflection 0.0465 in 0.0480 in 0.0489 in 0.0435 in
15 kips (67 kN) (1.18 mm) (1.22 mm) (1.24 mm) (1.10 min)

Post-cracking Stiffness
from Slope of Load-
Deflection Curve

115 kips/in
(20.1 kN/mm)

139 kips/in
(24.3 kN/m)

134 kips/in
(23.5 kN/m)

150 kips/in
(26.3 kN/m)

Midspan Deflection Yielding Not Yielding Not 0.896 in Yielding Not
Steel Yield' Observed Observed (23 mm) Observed

Maximum Observed 0.963 in 1.193 in 1.390 in 1.000 in
Deflection (24.5 mm) (30.3 mm) (35 mm) (25 mm)

Midspan Deflection 0.963 in 1.193 in 2.00 in Failure Not
failure2 (24.5 mm) (30.3 mm) (51 min)5 Observed

Load @ Failure2 107 kips
(476 kN)

155 kips
(689 kN)

155 kips
(689 kN)

Failure Not
Observed

Load @ First 17.6 kips 21.7 kips 19.7 kips 21.6 kips
Significant Cracking' (78.3 kN) (96.5 kN) (87.6 kN) (96.1 kN)

Applied Moment at Yield Not Yield Not 360 kip-ft Yield Not
I Yieldi Observed Observed (488 kN-m) Observed

Maximum Applied 321 kip-ft 465 kip-ft 465 kip-ft 480 kip-ft
I Moment"' (435 IN-m) (630 kN-m) (630 liN-m) (651 kN-m)6

Maximum Applied 53.5 kips 77.5 kips 77.5 kips 80.0 kips
Shear (234 kN) (345 kN) (345 kN) (356 kN)
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STRAIN DATA

One of the common ways to present experimental strain data is with load versus strain

plots. Tabular output of strain would not present useful information for this study, since the

quantity of data collected is too burdensome to include here. For this reason, only essential

strain data is presented. A few of the plots that lead to important conclusions and

observations are given here. Further experimental data is provided in Appendix A.

Interpretation of strain behavior is discussed in the next chapter.

Figure 3-5 shows a typical cross section and the anticipated cross-section strain profile.

Figures 3-6 to 3-9 provide midspan strain as a function of load for all beams. Some failure

mechanisms are suggested in these plots. The S-only beam clearly exhibits steel yielding and

concrete crushing behavior, as shown in Figure 3-8 by the recorded strain values. Observe

from Figure 3-8 that the strain in the steel is approximately equal to the estimated design

values (ey = 0.002). In addition, the beam fails by crushing at approximately the design value

for concrete in compression (ect, = 0.003). The recorded strains shown in Figure 3-7 and 3-9

indicate that flexural failure of the F-only and S&F beams is not imminent, given that strains

have not reached design values.

2 #5 bars

b,ret

"0 0 6va 41--3 #7 & 2 #6 bars
"ei=thilitggscr

\CFRP

Figure 3-5. Typical beam cross section and cross section strain profile
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CHAPTER FOUR: INTERPRETATION AND DISCUSSION
OF EXPERIMENTAL RESULTS

PRIMARY EXPERIMENTAL OBSERVATIONS

This chapter contains interpretations of load, deflection and strain data from all full-scale

beams tested. Many benefits of using the FRP reinforcing are evident from the experimental

data. A comparison of the experimental load and deflection results is presented in Table 4-1

and combined load-deflection curves are given in Figure 4-1. Upon examining this table and

figure, important observations include:

The addition of FRP in shear and flexure both independently and as a combined

system substantially increased the load carrying capacity of the beam.

The addition of FRP in shear and flexure both independently and as a combined

system allowed for greater deflections at failure (evidence toward improved ductility).

The addition of the shear GFRP composite materials compensated for the lack of

stirrups and converted the mode of failure from diagonal tension to ductile failure.

The F-only and S-only beams achieved equivalent static load capacity, 45% greater

than the Control beam, albeit failing in different modes.

The S&F beam sustained over 49% higher load (or moment) compared to the

unstrengthened beam in the third-point loading configuration. During a second

testing, the S&F beam sustained a moment 98% higher than the unstrengthened

beam and was predicted to sustain over 100% higher total load (or moment).

The S&F beam would deflect more at failure than the unstrengthened section;

primarily because the Control beam failed in shear.

All reinforced beams cracked at higher loads than the unstrengthened Control beam.



Table 4-1. Comparison of experimental load and deflection

Item

Midspan Deflection
@ 15 kips (67 kN)

Maximum
Deflection

Midspan Deflection
@ failure

Load @ failure

Load @ first
significant cracking

Maximum Applied
Shear

Maximum Applied
Moment

Control Beam Data
Percent Gain Over Control Beam'

0.963 in (24.5 mm) 24 % 44 % 3.8 °A)

0.0465 in (1.18 mm) 3.2%2 5.2%2 -6.5%

27

0% implies equivalent and negative implies lower compared to Control beam results.
Pre-cracking stiffness of all beams is mostly dependent on the elastic modulus of the
concrete beam. As is described in Appendix G, these two beams had a lower
concrete elastic modulus than the Control beam, likely resulting in less-stiffness
before the onset of cracking.
Extrapolated from experimental data trends of remaining DCDTs (device failed).
Maximum applied load for S&F beam. Estimated failure (Appendix D) would be
100% higher load.
Second testing of the fully reinforced beam reached a total applied moment of 640
ft-kips (868 kN-m)or 98% higher.

Since the maximum experimental shear force and maximum moment are directly

proportional to the total applied load, percent comparisons are valid for shear capacities and

moment capacities. It should be noted that the high experimental gains resulting from using

the FRP strengthening would not be as significant if the beam were only deficient in flexure.

It is known, however, that the S&F beam has a higher capacity (how much is not exactly

known) than the S-only beam, which is evidence that even a flexurally deficient beam can be

strengthened. This has been observed by numerous other researchers (GangaRao and Vijay

1998, Rostasy, et al. 1992, Ritchie, et al. 1991, Saadatmenesh and Ehsani 1991).

0.963 in (24.5 mm) 24 °A 110 %3 I No Failure

107 kips (476 kN) 45% 45% 49%4

17.6 kips (78.3 liN) 23% 12% 23%

53.5 kips (238 kN) 45% 45% 49%

321 ft-kips (435 kN-m) 45% 45% 49%5

F-only S-only S&F
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CRACK PATTERNS OF EXPERIMENTAL BEAMS

Most of the behavioral understanding from cracking can be extracted from the Control

beam. The F-only beam did provide visible cracking, but the S-only and S&F beam cracks

were mostly concealed under the FRP reinforcing. However, visible cracking did provide

important information.

Shear cracking, more appropriately termed diagonal tension cracking or inclined

cracking, occurred in these experimental beams. Such cracks are the result of combined

bending and shear forces realigning the principal tension direction (recall Mohr's circle of

stresses in beams). The terms shear and diagonal tension cracking are used interchangeably

in the following discussion.

Control Beam Cracking
Load induced cracking was mapped during the Control beam testing. For this beam

testing, load was briefly held steady at selected load levels to document cracking Cracking of

S&F

CONTROL
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the Control beam followed expected behavior. Loading from zero to 15 kips (66.7 lcN) did

not produce any notable cracking. First cracks appeared around 18 kips (80 kN) near the

midspan. These flexural cracks were noted to increase in length and quantity up to

approximately 35 kips (156 kN) at which time the first evidence of shear cracks were visible.

The critical shear cracks did not completely develop until near the ultimate load of 107 kips

(476 kN). Critical shear cracks developed on both ends of the beam and were fully visible on

both ends of the beam. Ultimately, one crack propagated from the support to the load point

at approximately 45 degrees at the beam midheight, resulting in ultimate collapse. Before the

critical shear crack developed, the beam was developing flexural cracks as indicated by the

cracking patterns. Figure 4-2 shows cracking before ultimate load and the diagonal tension

failure. Both high shear regions of the beam developed shear cracks, but the critical crack

occurred on the A-D end of the Control beam (see Chapter 2: Test Setup for beam

geometry). For more photos during testing, see Appendix J.

Flexure-only Beam Cracking
F-only beam cracking patterns were similar to those from the Control beam. This

similarity was anticipated. As was observed with the Control beam, a critical diagonal tension

crack resulted in beam failure. However, this critical shear crack developed at a higher load

(approx. 60 kips, 267 kN) than for the Control beam, as shown in Fig. 4-3. An accurate

assessment of beam cracking is not possible, since the CFRP covered the main portion of

the beam where tension cracks developed. Visible cracks during the F-only beam test were

fewer in number and did not appear to propagate as high as for the Control beam The shear

crack that developed in the F-only beam was visibly wider than for the Control beam just

prior to failure. This was due to the additional resistance provided by the CFRP allowing

additional deflection after the formation of the diagonal tension crack. The failing crack

formed on the B-C end of the beam (opposite to the Control beam) and occurred somewhat

more explosively than for the Control beam.



Figure 4-3. Final shear failure of F-only beam

Shear-only Beam Cracking
Very little evidence of cracking of the concrete could be seen through the GFRP on the

S-only beam. Vertical cracks did propagate through the glass FRY composite and were

visible as a color change (whitening of the epoxy), as shown in Fig. 4-4. These tension cracks

occurred just prior to ultimate load. Since the composite is unidirectional (vertical fibers
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(a) (b)

Figure 4-2. Control beam cracking (a) and shear failure (b)
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only) these vertical cracks did little to reduce the vertical shear strength provided by the FRP

(but could if numerous cracks results in debonding). Ultimately, the concrete at top-midspan

crushed.

Shear & Flexure Beam Cracking
The only evidence of cracking on the fully strengthened beam was visible at the midspan.

These tension cracks were slightly audible and visible at approximately 120 kips (534 kN). As

the load approached the machine limit, these cracks only increased in height. Even during

the second loading, cracking was only visible at the midspan section. Comparison cracking

patterns are shown in Fig. 4-5. No effort was made to determine the crack size in this study.

(a) (b)

Figure 4-4. S-only beam (a) and flexural cracks in GFRP near ultimate load (b)
(darkened for contrast)
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Figure 4-5. Comparison of beam cracking (to scale; dimensions in mm)
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FAILURE MECHANISMS OF EXPERIMENTAL BEAMS

All failures occurred in the predicted modes and no premature or non-traditional failure

mode occurred as the result of FRP strengthening. Table 3-1 previously summarized the

failure modes of the four beams tested. The Control beam was deficient in shear as

suggested by the load rating calculations shown in Appendix B. The F-only beam also failed

in shear as anticipated (since no shear strengthening was added), but occurred at a higher

load than the Control beam. The S-only beam failed in flexure at the midspan initiated by

yielding of the primary tension reinforcing and then crushing of the concrete. The S&F

beam was loaded up to the maximum load the testing equipment was able to apply, 160 kips

(712 IN). The fully-FRP reinforced section did not fail or show signs of impending failure

while the load was held constant and essential strain gauges were observed real time. Even

after adjusting the load configuration, whereby loading points were moved to 1 ft each side

of the midspan to increase the applied moment, observed strains did not approach yielding

or crushing values. Deflections were greater than for the third point loading, but did not

increase under a constant 160 kips (712 ItN) load held for approximately 5 minutes. It is

believed that the S&F beam would fail from crushing of the concrete in compression. This

would occur after yielding of the primary tension steel. Rupture of the FRP composite

would possibly occur after crushing of the concrete. A brief explanation of each mechanism

follows.

Diagonal Tension Failure of Control Beam
The Control beam revealed classical diagonal tension failure. It is possible that the

designer of the HCB anticipated diagonal tension cracking, thus bending two of the five

flexural bars through the high shear zone (See original drawings in Appendix J). It is also

possible, however, that the bent steel was simply intended for negative moment reinforcing

over the columns It is more likely the designer preferred bending, not cutting, the steel for

convenience and economy. Regardless, our suspicion of "inadequate shear strength" was

accurate for the tested configuration. The bent bars provided minimal reinforcing once the

diagonal tension crack initiated and temporarily mitigated the failure of this beam.

Evidence of the diagonal tension failure of this beam is provided in Figures 4-6 to 4-8.

The most convincing evidence, provided by Figure 4-6, is the dramatic increase in tensile

strain experienced at the section 59 in. (1500 mm) from the end of the beam. The strains in

33



34

the concrete at m.idheight and in the bent #6 bar reflect the abrupt formation of the crack.

This is the location of highest shear in the beam and is approximately one-half the distance

from the support to the load point. Recall from Chapter 2 that the bent #6 bars are at the

midheight (middepth) of the beam at this section and oriented at 45 degrees relative to

horizontal. These two bars only provide direct resistance to the shear crack. Without these

two bars, the Control beam would have failed at or just after this load. The steel strain gauge

appears to fail at the formation of the shear crack, likely from local cracking of the concrete

(similar occurrences were observed in other gauges).
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Formation

-

20 89
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0 0

-2000 -1000 1000 2000 3000 4000
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Figure 4-6. Control beam evidence of shear crack formation

The mechanics that resulted in beam collapse can be seen (with careful inspection) from

Figures 4-7 and 4-8. A significant event occurs at approximately 80 kips whereby the top

concrete strains recorded at the 42 and 59 in. (1067 and 1500 mm) sections actually show a

decrease in strain. The simultaneous relaxation of these strains implies first that this event

did occur and was not a result of localized concrete cracking affecting the strain gauges, and

secondly that an internal force redistribution occurred. Observe that the midspan top
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Figure 4-7. Control beam top compressive strain data
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concrete strain is unaffected and is only one-third the crushing strain of concrete (3000

microstrain). What occurred must have been yielding of the bent reinforcing, lowering of the

location of the compressive force and development of a "hinge" mechanism. This resulted

in collapse of the beam. Proof that the neutral axis lowered is given in Figure 4-8 which

shows that the top strains reduce and the steel reinforcing at this section (located 2.5 to 3

inches below the top surface) develops significant compressive strains under slight load

increases. This "hinge" was the result of the diagonal tension crack and resulted in a

complete loss of load carrying capacity.
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Figure 4-8. Control beam failure by shear crack formation

Diagonal Tension Failure of Flexure-only Beam
The F-only beam sustained substantially more load than the control beam (45% more).

However, the failure of the F-only beam was related to the same deficiency that the Control

beam exhibited. Since shear reinforcing was absent, the addition of CFRP for flexure should

not be expected to add shear strength. In the classical sense, the CFRP added no additional

design shear strength. Diagonal tension cracks were visible at load levels slightly above those

for the Control beam. However, since the CFRP was wrapped up the sides (6 inches, see

Figure 2-1), the CFRP was able to resist some forces across the diagonal tension crack. In

conventional calculations, horizontal structural components are not used to resist diagonal

tension cracking. However, the layers of carbon bridging the critical diagonal tension crack

on both ends of the beam displayed the additional advantages that these materials offer.

The addition of the CFRP also increased the flexural rigidity of the beam. Thus, for any

given load, strains were lower in comparison to the Control beam, and helped to offset a

shear failure. The CFRP fibers were able to maintain integrity of the beam in the presence of
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the shear crack. Complete failure of the beam actually resulted from transverse rupture of

the composite. This failure was noted to be a tension failure of the matrix in the direction

perpendicular to the carbon fibers, or shear failure in the direction parallel to the carbon

fibers (or a combination thereof). Since the composite was intended to be horizontally

unidirectional in strength, excessive straining of the composite in the vertical direction would

likely result in failure. Cracking in the concrete was the result of tension, whether diagonal or

horizontal, as understood from Mohr's circle of stress.

It may be advantageous to apply a composite with strength in two principal directions to

provide better horizontal and vertical strength. The most effective resistance to diagonal

tension cracks would be an FRP whose principal direction is oriented orthogonal to the

crack (aligned with the principal tension strains). The difficulty is then predictability of the

beam response, since a composite with uniquely directional properties will be applied to a

beam supposedly homogeneous and isotropic. To simplify the analysis considerably two

separate systems might be applied to strengthen the beam, one system for flexure and one

for shear such as was provided in the S&F beam. For construction simplicity, a single bi-

directional system could be used with vertical and horizontally aligned fibers. However,

modeling the behavior of this bi-directional system would be more complicated.

What all this discussion leads to is the requirement that this type of flexural

strengthening should not be allowed to increase the design shear capacity (although it was

observed to do so in this case). This behavior is not reliable or easily predictable. If a

moment deficiency exists, moment strengthening should be provided and vice versa for a

shear deficiency. For design, the beam reinforced with CFRP (F-only) would have the same

strength as the Control beam and less than the S-only beam. Experimentally, it has an

equivalent strength to the S-only beam, and was studied to examine the independent effect

of flexural reinforcing with CFRP. The F-only beam data showed similar signs of diagonal

tension failure as the Control beam Figure 4-9 shows similar trends in compressive strains

as Figure 4-7. The advantage of the F-only beam in preventing this failure from occurring at

lower loads was from the presence of the CFRP as explained above. The F-only beam failure

was similar to the Control beam in that the diagonal tension crack resulted in complete loss

of load carrying capacity. The failure of this beam, however, occurred more suddenly.
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Figure 4-9. F-only beam compressive strain comparison

Flexural Failure of the Shear-only Beam
A classical reinforced concrete beam failure was visible for the S-only beam. This was

made possible by the addition of GFRP along the length of the beam. The GFRP was

sufficient to mitigate a diagonal tension crack and elevate the beam strength to cause a

flexural failure at the tnidspan section. Shear cracks were not visible and if formed they were

concealed by the GFRP. The obvious sequence of events leading to the flexural failure of

the S-only beam is evident in Figure 3-8. It is evident that the main flexural steel yielded at

approximately 120 kips (534 kN). The flexural rigidity of the beam was reduced causing a

rapid increase in deflection (see Figure 3-3). Ultimately, the concrete crushed at the top at

midspan. A considerable amount of "ductility" was present in the S-only beam, as apparent

from the large deflections that occurred after the steel yielded.

Designing for shear is different than for flexure. Shear reinforcing should altogether

mitigate shear cracking. This GFRP shear strengthening was a good design insomuch as

shear failure was avoided. In the absence of anchorage of the shear FRP, the strain at the

801

712

7 623

-- 534

0

500-500 0

445

356

7 267

7 178

89

38

2C0N13 2C0N17 2CON18



39

concrete-FRP interface can be used as a limit for shear design. Excessive straining can cause

cracking and possibly localized debonding. A good design will ensure that shear strength is

always greater than flexural strength. This was true for the S-only beam.

Failure of the Shear & Flexure Beam
Although the experimental testing machine was unable to achieve the shear or moment

capacity of the fully FRP-reinforced beam, reasonable assumptions can be made from the

availqble data. Calculations suggest (see Appendix D) that the beam would fail by crushing of

the concrete (ultimately). Concrete strains at the top-midspan location were approaching

0.0015 at the maximum applied load (refer to Figure 3-9). Strains in the CFRP reinforcing at

midspan were approaching 0.003 and strains in the main tension reinforcing steel were

slightly above 0.002. This is clear evidence as to the projected failure sequence of the beam,

where the steel yields, extended deflections result, the concrete crushes and then the FRP

ruptures from substantial deflections. The result would be an "over-reinforced" beam in the

classical sense in that the concrete crushes before the FRP would rupture. The FRP has

taken the role of the steel reinforcing, once the steel has yielded, and the beam is no longer

"under-reinforced".

Flexural failure of concrete beams strengthened with FRP is likely to occur due to

yielding of the tension steel, followed by crushing of the concrete and ultimately rupture of

the FRP composite. This arises from the large difference in ultimate strains for the

constituent materials. CFRPs can sustain strains around 0.02 whereas concrete crushes at

0.003 and steel yields at 0.002 (a factor of 7 to 10 difference). This behavior is anticipated for

any FRP reinforced beam that has adequate adhesion/anchoring and was originally designed

as an "under-reinforced" beam (a beam where the steel yields before the concrete crushes).

One very important point every designer should realize is that the added flexural capacity

of FRP to existing RC beams will often not be a dramatic structural enhancement. Most

concrete beams were designed to fail by yielding of the tension steel before the concrete is

able to crush. This results in a "ductile" beam, which is able to undergo visible deflections

before ultimately losing load carrying capacity. Most retrofit projects where FRP is used to

enhance an existing deficient member will involve originally under-reinforced concrete

beams. The FRP strengthening is then producing additional capacity by taking the beam to a

level of over-reinforcement. This must be understood. In an FRP strengthened RC beam, it
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may be good practice to account for the likelihood that adding FRP will result in failure by

crushing of the concrete. This deficiency can be offset by either using a smaller phi factor or

by decreasing the allowable stresses, depending on the design philosophy adopted.

The S&F beam clearly was not near failure at the maximum applied moment as seen in

Figures 4-10 to 4-12. Strains recorded in the top concrete did not show impending collapse,

nor was any mechanism evident that would lead to collapse. Observe in Figure 4-11 that the

strain in the top midspan concrete was approximately 1400 microstrain at 160 kips. If the

beam continued as the trends show, the beam was at approximately half its capacity. This

statement can be made, since failure of the beam will result in crushing of the concrete,

which should occur at about 3000 microstrain. However, as seen from Figure 4-12, the steel

reinforcing was about to yield (note strain values). This would have caused the stiffness of

the beam to be reduced, increasing the top concrete and bottom FRP strains at a higher rate.

Observe from Figures 4-10 to 4-12 that most strains increase at steady rates. Few

significant events cause rapid change in strain values under the increasing load. From Figure

4-10, it can be seen that the presence of the GFRP stopped further growth of the crack

occurring at 35 kips. Recall from the discussion of the Control beam failure that this crack

was believed to develop into the shear failure. In the control beam, this event began at the

same load of 35 kips. The other visible rapid increase in strain is shown in Figure 4-12 for

the bottom CFRP strain gauge at midspan. This strain value is possibly the result of local

redistribution of stresses in the CFRP.
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FRP EFFECTS ON BEAM DEFLECTIONS

The addition of the CFRP and GFRP had a profound effect on the deflection of the

experimental beams both independently and as a combined system. Recall both Figure 4-1

and Table 2-3. Figure 4-1 showed the relative stiffness of the experimental beams by

showing the slopes of the load versus deflection data. Table 2-3 described the elastic

modulus of the experimental beams. This information is qualitatively combined together in

Table 4-2 to show a relative comparison of stiffness among the experimental beams.

Table 4-2. Experimental beam stiffness comparison

Beam

Relative Elastic
Modulus from
Pulse-Velocity
Correlation'

Rank of Stiffness from
Pulse-Velocity

Correlation'

. S&F beam had lowest elastic modulus from the pulse velocity correlation.
2. S&F beam had greatest stiffness from the load-deflection data.

Table 4-2 shows that without the FRP reinforcing, the beams should have the reverse

relative stiffness. This indicates that the addition of FRP increased the beam rigidity in

flexure, which is intuitive. What is not obvious, however, is that the GFRP that was added

for shear strengthening actually had a notable effect on the flexural rigidity. This is true, even

though the GFRP had no significant longitudinal stiffness. The GFRP fiberswere

unidirectional and oriented vertically. This implies that the GFRP may have created a more

continuous and homogeneous beam, possibly by reducing the size and amount of cracks in

the beam. The GFRP also provided confinement to increase the stiffness.

Although the GFRP increased the flexural rigidity, the CFRP had a more pronounced

influence. This can be seen in both Table 4-2 and Figures 4-13 to 4-16. In Figures 4-13 to 4-

16 the A&B deflections are the average of those recorded at the DCDT1 and DCDT3

Rank of
Stiffness from

Load-
Deflection

Data2
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Control 1.13 1 4

F-only 1.03 3 2

S-only 1.06 2 3

S&F 1.00 4 1
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locations. Observe from Table 4-2 that the F-only beam had a slightly lower elastic modulus

than the S-only beam. However, up until approximately 80 kips (311 kN) the F-only beam

deflected less than the S-only beam as seen in Figure 4-1. After this load, it is believed that

the diagonal tension crack that developed in the F-only beam adversely affected the stiffness.

The S-only beam, in contrast, continued to deflect unhindered by a diagonal tension crack.

In addition to the independent stiffness increase from both the CFRP in flexure and GFRP

in shear, the combined effect of the FRP systems was not less than either of the individual

parts. Even with the lowest elastic modulus of the concrete, the S&F beam still had the

largest flexural rigidity.

Predictability by-way-of hand calculations for the experimental beam deflections was

somewhat impaired by the presence of the diagonal tension crack. The diagonal tension

crack effect is seen by observing the ratio of the average of DCDT1&3 (A&B) deflections to

the DCDT2 (midspan) deflection. Figures 4-13 to 4-16 show the deflection ratios for each

beam. The trends for the Control and F-only beams are very similar, showing a changing

ratio with increasing load. The S-only beam had a different trend, which may be due to the

GFRP composite and the steel yielding. The S&F beam shows the development of a steady

trend with the midspan deflection being 1.6 times the DCDT1&3 deflections. It appears that

the addition of FRP in both shear and flexure produced a beam that was more predictable in

stiffness and deflection behavior. This is important, useful to the FRP designer, but perhaps

only significant when strengthening beams previously deficient in shear. Since these

deflections are at symmetrical locations, they are averaged for comparison to the midspan

deflection.

During the S-only beam testing, at approximately 1.40 inches of midspan deflection, the

DCDT2 device capabilities were exceeded. The deflection data was then extrapolated to

estimate the actual maximum deflection at failure. In Figure 4-15, the extrapolation of

deflection data for DCDT2 (midspan) is shown using two trends. The two dashed lines

represent a straight line and curved extrapolation of the data. The straight-line extrapolation,

depicted with longer dashes, simply extends the data using the slope provided from 0.84 to

1.40 inches. The curved extrapolation uses the trends provided by the remaining DCDT1

and DCDT3 and applied to DCDT2. This polynomial extrapolation of the deflection is

believed to be more accurate.
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MEETING THE LIVE LOAD DEMAND

As was previously noted, a load rating of the HCB was conducted. Important values

from the load rating calculations performed by CH2M HILT, and TAMS Consultants

(CH2M HILL 1997) are given in Table 4-3. Additional background on load rating and design

philosophy for reinforced concrete bridges is provided in Appendix B.

Moment Demand
The total factored load to be resisted by the applied live and dead loads (Table 4-3) is

Mu=YD(MDL±Mws) YL(1±I)MLL [4 - 1]

where YD=12, yL=1.3 and I= 0.10
such that Mu=1.2*(82.3+2 5.0)+1.3*(1+0.1 0)*22 5, or
M=451 ft-kips (6 1 1 kN-m)

To determine the required nominal capacity of the fully reinforced beam divide by the

strength reduction factor (I) = 0.85 (ODOT 1996; see also, Appendix B) such that,

Mn=Mu/0=45 1 /0.85

M=530 ft-kips (719 kN-m)
Thus, the fully reinforced experimental crossbeam must support at least a total applied

moment of 530 ft-kips. In third-point loading, this moment was not achievable with the

given testing equipment. The maximum achievable third-point moment was 480 ft-kips. To

confirm that the beam was adequate to reach this moment capacity and to potentially fail the

beam, the S&F beam was reloaded with the load points closer to the beam midspan (1 ft

either side). This loading produced a moment of 640 ft-kips. According to the design

calculations in Appendix D, the S&F beam nominal moment capacity is 645 ft-kips. Thus,

the nominal strength could almost be reached using the provided equipment'. Confidently,

the calculations provided in the Modified method (Appendix D) do not over-predict the

capacity.

6 This fact was unknown before the testing of the beams.
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Table 4-3. Calculated loads from load rating (LRFD)

Variable Item Quantity

' Moment @ midspan from bridge
MDL dead load

1 Moment @ midspan from wearing
MWS surface dead load

1

M Maximum live load moment @u,
midspan from an HS20 truck

1 Shear critical section from
VDL 1 bridge dead load

i Shear @ critical section from
Vws

wearing surface dead load

Live load shear @ critical section
from HS20 truck

VIL

82.3 ft-kips

(112 kN-m)

25.0 ft-kips

(33.9 k.N-m)

225 ft-kips

(305 kN-m)

14.4 kips

(64.1 kN)

4.50 kips

(20.0 kN)

46.5 kips

(207 kN)

t Load rating by CH2M HILL (1997). See Appendix B for further information.

Shear Demand
Similar calculations to those provided in the above discussion show the total factored

shear force to be,

Vu=yD(VDL+Vws) iL(1±I)VLL [4-2]

where Y1.2, yL=13 and 1= 0.10
such that Vu=1.2*(14.4+4.50)+ 1.3*(1 +0.10)*46.5, or
V=83.1 kips (370 kN)

To determine the required nominal capacity of the fully reinforced beam divide by the

strength reduction factor (I) = 0.85 (ODOT 1996; see also, Appendix B) such that,

Vii=Vu/(1)= 83.1/0.85

V.=-97.8 kips (435 kN)
The maximum shear force achieved during testing of any beam was 1/2 of 160 kips or 80

kips. The actual capacity of the beams was not verified in shear, although conservative

calculations suggest the provided capacity to be more than that required (see Appendix B).
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Experimental Versus Design Strengths
We do anticipate design capacities to be conservative, although not overly conservative

(e.g. uneconomical). What is important to remember for this experiment is exactly what is

being implied as capacity. For flexural design, it is assumed that the applied moment that

causes the steel to yield and then the concrete to crush is the capacity. For shear, if no

regular schedule of stirrups are provided, then capacity is the empirical limit of the concrete

section. Table 4-4 provides a comparison of experimental maximums and design values. It

may not appear from Table 4-4 that design predictions were close, but when one considers

the various mechanisms that caused ultimate collapse, the predictions were appropriate.

Discrepancies between the experimental values and the design data are explained following

Table 4-4.



Table 4-4. Experimental maximums compared to nominal design strengths1'2'3

a

Load @ Failure

C.)

f4=1

Shear Capacity

7s1

Moment Capacity

4.)

c4-1

For conversion to metric units, 1 kip = 4.4482 IN and 1 ft-kip = 1.3558 IN-m.
Differences between design and experimental. Negative implies over-prediction.
Load values are those at which the beam no longer sustained load experimentally or
the controlling load at which the minimum strength was predicted.
Simplified shear strength, neglecting the presence of steel reinforcing. Using the
detailed method, the shear capacity is 47.3 kips or 11.6% lower than the experiment.
Since the Control and F-only beams did not fail in flexure, predicted versus
experimental will not coincide.
Neglecting the presence of CFRP reinforcing in added shear capacity.
Design failure is determined as yielding of the tension steel. Experimental strains
recorded suggest steel yielding at approximately 120 kips.
S&F beam did not fail. See Appendix D for moment capacity calculations of the F-
only and S&F beams.
Comparison percentage with Control and S-only beam for shear and flexure,
respectively. Comparisons are for the HCB before FRP strengthening.

50

107 79.6
26%

53.5 39.84
26%

321 349 9%5
, 0 kips kips kips kips ft-kips ft-kips

0
4.4

155
kips

79.6
kips

49%
77.5
kips

39.84'6

kips
49%

465 645
ft-kips ft-kips

-39%5

155
kips

116
kips

25°/07
77.5
kips

109
kips

41/o 465
ft-kips

349
ft-kips

25%

4.4

01?J N/A8 215
kips

N/A N/A 109
kips

N/A N/A 645
ft-kips

N/A

1 (4
cd N/A N/A N/A N/A 36.0

kips
33%9 N/A 341

ft-kips
27%9
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General Discrepancies

The intent of Table 4-4 was to compare design values with experimental results. The

table appears to indicate that predictions were not close. However, the predictions were not

detailed theoretical calculations, but simplified design calculations. In most cases, some

additional mechanism was provided to increase the experimental values. All over-predictions

reported in the table reflect the fact that the beams did not fail in that mode. For example,

the 41% over-prediction of shear capacity for the S-only beam is because the beam failed in

flexure before reaching the design shear capacity). The HCB design values for shear and

flexure are to be compared to the Control beam and S-only beams, respectively. This is

because these beams represent the shear and moment strength of the beams before retrofit.

Note that the HCB comparisons presented vary from the experimental Control and S-only

beam values for the same reasons as described below. Clearly, no comparison with the S&F

beam theoretical capacities can be drawn, since this beam was not loaded to failure.

Control Beam Discrepancies

Foremost, note that the moment capacity prediction and actual moment at collapse can

not be compared, since the beam failed in shear. Secondly, shear capacity and load at failure

predictions do not agree with experimental results since the prediction did not include steel

reinforcing The horizontal steel bars probably provided dowel action to resist the diagonal

tension failure. In addition, the two bent reinforcing bars provided equilibrium across the

diagonal tension crack. The collapse of the beam, although caused by a diagonal tension

crack, was extended due to the presence of this steel reinforcing crossing the diagonal

tension crack. Typical shear strength calculations only account for the geometry of the

concrete section and concrete strength. Recall from the previous discussion and Figure 4-6

that the critical shear crack appeared to begin around 35 kips (156 kN) total applied load.

This suggests that the beam would have been approaching failure sooner and possibly failed

at a lower load than what was observed. Failure might have been closer to that predicted by

the design calculations.

Flexure-only Beam Discroancies

Similarly, the F-only beam failed in shear and not flexure and the difference in capacities

can not be compared. The conventional shear capacity calculations do not account for the

flexural FRP or the steel reinforcing (particullrly the bent steel). This implies that the
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theoretical loads at failure for the F-only and Control beams are equivalent. The flexural

CFRP, however, increased the beam stiffness thus decreasing cross-section strains and

delaying failure of the beam. This key effect explains the difference in theoretical and

experimental loads at failure for the F-only beam. Since the CFRP was not provided to

increase shear strength, it is not included in the shear strength calculations. The conventional

empirical concrete section strength (AASHTO 1994, ACT 1999) methods do not predict the

increased shear capacity, for this special case.

Shear-only Beam Discrepancies

Since the S-only beam failed in flexure, the shear capacities cannot be directly compared.

The S-only beam flexural capacity is actually in good agreement with design values, since the

moment that caused yielding of the primary tension reinforcing is nearly that predicted by

conventional calculations. Yielding of the steel began at 120 kips (534 kN) total applied load

which corresponds to 360 ft-kips (488 kN-m) moment or 3% variation from the design

value. What has not been accounted for in conventional design calculations is the increased

beam stiffness as a result of the added GFRP composite jacket. This increased stiffness

reduced longitudinal strains.
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CHAPTER FIVE: DESIGNING REINFORCED CONCRETE
BEAMS WITH FRP STRENGTHENING

This chapter is arranged to explain two methods: the method initially proposed before

the experimental studies began, termed the Initial method (Kachlakev 1998a and 1998b) and

the method developed in this thesis, termed the Modified method. Using the Initial method,

observations from this experimental study and similar published experiments, concepts and

methods were accepted, altered or rejected to develop the Modified method. If used

properly, the Modified design method is believed to produce appropriate results for FRP

strengthening calculations. The primary difference between the Initial method and the

Modified method presented here is that the flexural calculations were modified significantly.

INITIAL DESIGN METHOD

A design process for shear and flexure was used to estimate the design strength of the

experimental beams before the studies were conducted (Kachlakev 1998b, Kachlakev and

McCurry 2000). Shear and flexural strength calculations were developed. The shear strength

calculation process does not differ between the Initial and the Modified methods.

General Assumptions
The Initial method was a strength limit state design method. However, concrete

materials were assumed elastic and homogeneous (not typical). Steel reinforcing was

assumed elastic-perfectly plastic (typical of reinforced concrete beam strength theory) and

the FRP composites were assumed elastic to failure. Shear strength of the beam was

assumed to be a linear combination of the strengths from each material (i.e. total shear

strength is the strengths of the concrete plus steel plus FRP).

For flexural strength calculations, since concrete is not elastic at failure, an equivalent (or

effective) modulus was proposed. As with typical beam theory, plane-cross sections are

assumed to remain plane during bending. Three failure modes were possible: crushing of the

concrete, rupture of the FRP and shear failure. Shear strength is assumed larger than flexural

strength (as a beam should be designed).



For shear calculations, two limit states are set: a limiting stress of 200 psi (due to the

concrete-FRP interfacial strain limitations and a strain of 0.004 (strain assumed to develop

from the vertical shear force in the FRP composite). These limits are empirical, and similar

limits have been published in recent technical literature (Chaallal et al. 1998).

Initial Design Method Discussion
In examining the Initial method, the effective modulus assumption was not consistent

with historical developments of RC beam strength theory. In order to present a solution that

reflected current RC beam strength theory and to provide a more robust solution method,

the flexural process was modified and is presented in Appendix D as the Modified method.

The primary difference between the Initial method and Modified method is how the

concrete compression block is modeled, for flexural strength design.

The Initial method does raise certain points that should be used in a general FRP

strengthening method, including:

Some initial strain must exist at the bottom of the beam at the time of retrofit

(mostly from dead load deformation). This strain should be subtracted from the

actual strain that will be in the FRP at failure.

Some percentage of live load may occur at the time of retrofit, causing additional

deformation. How much the live load will be is unknown; no live load may be a

reasonable assumption, or not more than 10% (Nanni et al. 1998).

Additional stress-strain information will be necessary to predict the resisting

compressive force provided by the concrete if crushing of the concrete does not

occur before failure of the composite.

Appropriate ductility requirements should be established and met.

There are failure mechanisms that were not included in the Initial method, that must be

considered when designing an FRP strengthened beam. These mechanisms were not

observed in this experimental study and are not discussed in this thesis. These other failure

modes, which should be checked, include: shear failure between the FRP and concrete

section, composite end termination stress concentrations and other debonding failures.
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MODIFIED DESIGN METHOD

From the observations of the full-scale beam testing, accepted RC beam, theory and a

literature review, the Initial design method was modified. Sample calculations are provided in

Appendix D. This method is intended to reflect a current understanding of FRP

strengthened beams in both shear and flexure. Table 5-1 presents a comparison of the S&F

beam and the actual HCB Beam capacities as predicted by the Modified method.

The Modified method predicts a moment capacity slightly higher than that achieved

during the experimental studies. The maximum applied experimental moment of 640 ft-kips

(868 kN-m) suggests that the Modified method, at best, does not under-predict the strength.

Shear capacities after strengthening are difficult to compare with experimental, since no

GFRP shear strengthened beam failed in shear.

The predicted location of the equivalent concrete compressive force must be accurate in

order to estimate the internal resisting moment couple. The Modified method reflects both

the experimental studies conducted during the development of ultimate strength design

(Whitney 1957, Hognestad 1955), and more current developments (Collins & Mitchell 1997)

which can account for non-crushing failures of the concrete. The original development of

RC beam strength design focused only on predicting the equivalent resisting concrete

compression block at crushing of the concrete. This was primarily the result of the design

philosophy that failures of RC beams should result from yielding of the tension steel and

then crushing of the concrete. Since an FRP strengthened beam can fail in a non-crushing

failure mode, the non-linear behavior of the concrete must be more precisely modeled. This

non-linear behavior is included in the Modified design method.

Table 5-1. Modified design method predictions for experimental and HCB beamst

Beam Moment Capacity Shear Capacity

109 kips
(485 1c1\1)

103 kips
(458 kN)

S&F Experimental Beam

HCB Crossbeam

t See Appendix D for calculations.

645 ft-kips
(874 kN-m)

573 ft-kips
(777 kN-m)
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EXPANSION OF THE MODIFIED METHOD FOR FLEXURE

In an effort to create a more robust and powerful method to calculate the flexural

response of an FRP strengthened beam, the Modified method was expanded and automated.

The shear design process could not be verified in these tests and was not changed from the

Initial to the Modified method. Included in this development are

Inclusion of any number of steel and FRP vertical layers

Accounting for a non-crushing failure mode of the beam while maintaining concrete

non-linear properties. (The crushing failure mode is also retained.)

Prediction of the beam response over the entire load range allowing for a true

description of the selected design and calculation of all element stresses.

The benefits of using this more general method are not limited to the above bulleted

items. Since the design of FRP strengthened beams will not result in typical behavior of a

reinforced concrete beam, this expansion allows the designer to better understand what

makes an efficient design. Likewise, using the formulation in a program or a simple

spreadsheet (see Appendix E) allows the designer to understand where the design is

inefficient and what parametric changes result in little or no benefit.

Appendix D presents a process to determine the ultimate capacity and service level

stresses of an FRP strengthened RC beam. While useful and consistent with current strength

design methods, the equations presented are limited and do not allow for all reinforcing

present in the beam. The method is only valid for a singly reinforced beam with FRP at one

vertical location in the beam cross section. In addition, crushing failure is assumed (and

checked to be) the limit-state of the beam. As will be explained, the method can be

expanded to include any reinforcement arrangement and non-crushing failure modes. The

addition of FRP reinforcing can easily alter the failure mode of the beam.

HISTORY OF RC CONCRETE ULTIMATE STRENGTH DESIGN

When ultimate strength design of reinforced concrete beam theory was in the

developmental stages (1940s and 1950s), it was logical and justifiable to make simplifying

assumptions. Simplifications allowed engineers to achieve solutions without cumbersome

hand calculations. Many such simplifications remain in used today (e.g. an equivalent stress
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block assumption). Many simplifications are conservative and result in only minor

differences from more detailed calculations. Currently, however, the use of personal

computers and programmable spreadsheets allows the engineer to perform repeated

calculations in essentially no time at all. Spreadsheets can be combined with simple

programming language to solve problems previously too time consuming to perform.

Approximate solutions have been acceptable in the past, but if materials become more

costly, each designer will face the challenge of appropriately reducing material costs where

possible. If more general solution algorithms are used, for example in the design of a

reinforced concrete beam, cross-section shapes and unusual reinforcing configurations can

be designed. The equivalent stress-block modeling of the compression block in a concrete

beam should be generalized to allow for non-traditional shapes.

In addition, the design of reinforced concrete members has traditionally been to prefer a

design failure mode which ensures yielding of the tension reinforcing before crushing of the

concrete. This is accomplished by limiting the ratio of steel reinforcing to approximately

75% of that required to cause simultaneous crushing of the concrete and yielding of the

tension steel. The benefits of forcing this mode of failure are two-fold: most importantly, to

warn of impending beam failure by the large deflections resulting after reaching steel yield,

and justifying the use of the simplified Whitney (1942) stress-block assumptions.

The following development is presented to be used in a spreadsheet or similar solution

method and is versatile in its application. It allows for non-crushing and crushing failure

modes to occur in a concrete beam cross-section. The theoretical development is intended

to be general, such that any reasonable shape can be described. Appendix E provides

information about the spreadsheet used to automate the method.

THEORETICAL DEVELOPMENT

Primary Assumptions
The theoretical development to follow relies on three key assumptions, which are typical

of any beam design:

internal force equilibrium is satisfied

the externally applied moment at any section is resisted by the internal moment

generated by the internal forces and their respective moment arms



+ sections plane before bending remain plane after bending

The equations to follow should not be used for conditions where these assumptions

produce unacceptable margins of error. Clearly, all the classical reinforced concrete theory

and beam-bending theory applies. Also, the designer must be able to accurately predict the

existing strains in the cross-section before strengthening since in some cases the existing

strain at the location the FRP is applied will impact the failure mode of the beam. These

assumptions are depicted in Figure 5-1, showing the strains and internal forces acting at a

cross-section. The distance from the top of the beam to the resisting compression force is

a/2 or 0.5[31c which implies an equivalent stress block modeling of the actual stresses.

Figure 5-1. Plane-sections remain plane and internal equilibrium

Stress Block Parameters

Collins and Mitchell Parameters

Stress block parameters, which allow for conversion of the non-linear stress-strain

behavior of the concrete to an equivalent rectangular block, have been developed (Collins

and Mitchell 1997). Solutions are presented for both a parabolic stress-strain relationship and

general stress-strain. The use of the stress-block factors is useful to convert the true

expression of internal equilibrium, which is described by

f fcb dy =aif:13icb [5-1]
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a =
1 131(1+(Ec /E:))
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Equation [5-1] can be simplified, assuming a parabolic stress-strain curve and a constant

compressive flange width b, such that

.\ 2

aiRi -4-
E 1(E
ec 3 E,

[5 - 2]

The correct location of the resultant force simplified to an equivalent rectangular block is

satisfied in the general case by

f, by dy

= c 0.5131c [5-3]
f,b dy

In this case, y is measured up from the neutral axis. Using a parabolic stress-strain

approximation of the concrete compression curve, the parameter 131 is described by

4 ec /
1 6 2E, /

Here 6, is the extreme compression fiber at the top of the beam and is the strain at

ultimate (crushing), typically taken as 0.003. Stress-block factors resulting from the above

equations [5-2] and [5-4] are shown in Figure 5-2 for the parabolic stress-strain relationships.

These factors were incorporated into the Modified design method and used to predict the

response of the experimental beams.

Gold and Blasak Parameters

Similar parameters have been published that allow for non-crushing failure of an FRP

strengthened beam (Gold and Blaszak 2000). In this work

R 2 4[(Ec )tan-1(Ec

vi (Ec ie)ln(1+(Ec ie)2)

, 1.71f,where E =
E,

In the above Equation [5-5] the value tan-1(E, /E) must be in radians. Similarly,

0.901n(1+ (E, /E)2)

[5-4]

[5-5]

[5-6]

[5-7]



Comparison of the Gold & Blaszak parameters with those of Collins & Mitchell is

presented in Figure 5-2. Gold & Blaszak's work provided reassurance that the Collins &

Mitchell parameters were appropriate. Both methods were initially used and results

compared, but ultimately the Collins & Mitchell parameters were selected for the Modified

method. Collins & Mitchell parameters were well documented and consistent with the

format of conventional RC strength theory. Notation is defined before the bibliography.
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Figure 5-2. Stress-block parameters (oci. and 13) comparison

Parameters Resultingfrom Integration of Concrete Stress-Strain Curves

Over the decades, beginning around the time reinforced concrete design transitioned to

ultimate strength design in the US, numerous researchers have attempted to develop stress-

strain equations that describe concrete in compression. Since concrete is highly variable by

nature, it is important that all parameters are appropriately included. Desayi and Krishnan

(1964) proposed a relationship between the stress and strain of concrete including the elastic

modulus, the strain at maximum stress, the maximum strain and stress at failure and a

constant "k." Thus, for any level of stress, the strain is related by
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1+(E/E0)2

In equation [5-8], Eo is the strain at the maximum stress of f0 (fo is equivalent to The

parameter E is the initial tangent modulus (equal to 2f0/60). The parameter kfo is the stress at

failure relative to the stress at ultimate, E, is the maximum strain at failure (Ec is equivalent to

Ecu), and f is the stress as related to the strain, E.

It is noted that the value of kfo (the stress at failure relative to the stress at ultimate) must

be assumed. The remaining parameters are known or calculated. Desayi and Krishnan (1964)

suggest that Whitney (1942) and Hognestad (1957) used similar equations to achieve

equivalent concrete stress-blocks at ultimate strength. Desayi and Krishnan suggest Whitney

proposed assuming kfo = 7/8 f: and E, = 0.003, whereas Hognestad used kf, = 0.85 f: and E,

= 0.0038. The areas under the stress-strain curves were then similar at 0.8 f:Ec and 0.804 f:E,

for Whitney and Hognestad, respectively.

To find the area under the stress-strain curve one must integrate

E,

f f dE = foco ln(1+ (Ec / E0 )2)

The moment of this area about the stress axis, which allowed for calculation of the

parameter 131, is

E,
1 Ejfe = Eco2 ec Co tan

0 co
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[5-8]

[5-9]

[5-10]

These equations essentinfly represent the stress-block parameters al and (3,. Smith and

Young (1955) developed other stress strains curves using an exponential function. (See also a

discussion by Chinn 1956.) Even recently, new equations have been suggested (Triantifillou

and Plevris 1991). Estimation of the stress-strain relationship in the future could include

more parameters. Sample comparison curves for design strength of 3000 psi (20.7 MPa) are

given in Figure 5-3.
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Figure 5-3. Concrete stress-strain curves for compression

European Equations for Stress-Block Parameters

More detailed parameters have been developed for use in T-beams where the neutral axis

falls below the flange of the beam (Kachlakev 1999). These equations are believed to be of

European origin. The designer should be aware that these equations (or similar ones) are

available. More importantly, the designer should be aware of the assumptions in these

equations (such as assuming a crushing strain of concrete higher than that recommended by

AASHTO or ACT, as has been discovered in the Canadian literature). Since the equations are

not well documented in the literature (to verify assumptions and constants), they are not

provided here.

General Solution for an FRP Strengthened Reinforced Concrete Beam
For a general solution, it is possible to include all the steel and FRP reinforcing in the

beam at their respective vertical locations without lumping the entire internal tension force

together. Applying the assumption of internal equilibrium and neglecting any tensile stresses

developed in the concrete below the neutral axis,

14

10
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ccif:Picb = E(Asfs)i + E(Afff )i [5 - 1 1]
i=1 i=1

Where i and j are the number of steel and FRP layers, respectively. If the beam has

existing strain at the bottom at the time of strengthening it must be accounted for. Writing

this in terms of the strains of the various components and including initial strains, which are

likely to exist at the bottom of the beam during retrofit,

k

CtifcliiCb = E(AsEsEs)i + E(i,Ef (Cf Cf,ret )) [ 5 - 1 2]
1=1 1=1

Equation [5-12] can be further expanded to include the plane-sections assumption. As

will be shown later, it will be convenient to present the strains in the various components as

related to the strain at the top of the beam. Using the geometry in Figure 5-1, Equation [5-

12] becomes

1 E k l
OtiOiCb = E[AsEs(---c--(dc))1 + E[AfEf (LC (h c) f,ret[ 5 - 1 3]

1=1 C i 1 C
/ /1 i

The only unknowns in the above equation are the strain at the top of the beam and the

distance to the neutral axis from the top of the beam. If we include the values of oci and 13i as

prescribed by Collins & Mitchell, and then assume a rectangular compression block,

Equation [5-13] becomes

I \2
E 1

fc'cb = E
Ec 3 E

k

(d c) + E
i=1 "Af

EfHh c) Efjet
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Mapplied = Es (d a / 2)) + ±(A1 E1 61(h a / 2))i [5-16]
i=1 i i=1

[5 - 1 4]

Although this may appear a rather cumbersome equation it describes very well the

internal equilibrium requirement and is powerful when used in a spreadsheet solution.

Another equation is required to solve for the two unknowns, which describes the resisting

moment in equilibrium to the applied moment. In the general sense,

Mapplied = Mresisting [5-15]

This statement of equilibrium can be written in a similar way as the internal force

equilibrium Equation [5-11]. Summing moments about the compressive force in the

concrete, moment equilibrium must be satisfied by
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The depth of the equivalent stress-block is

a=131c [5-17]

This is analogous to the Whitney (1957)stress-block, but more powerful in that it

describes the resistance of the concrete at any level of load using the stress-block parameters

suggested by Collins & Mitchell. Three more requirements must be satisfied for the solution

to be correct. The strains in each component are limited by

Es 5_ (Ey=fy/Es) [5-18]

Ef (.6"ffuiEf) [5-19]

Ec 5_ (c= 0.O03) [5-20]

The designer should also realize that the strain in the steel could be beyond the yield

strain. The strain could conceivably approach strain hardening and ultimately fracture, but is

not likely to be the case, since crushing of the concrete should precede such an event.

Limiting the strain in the steel reinforcing is recommended (e.g. 0.005, depending on the

steel reinforcing properties) to ensure ductility of the beam. Following the requirements of

equations [5-18] to [5-20] and the combination of the above equations [5-14] and [5-16] a

solution can be achieved for the resisting moment ofan FRP strengthened, steel reinforced

concrete beam.

When more layers of reinforcing are included, the analysis becomes increasingly

cumbersome. Using a programmable spreadsheet with logical statements, a solution with any

number of layers can be achieved and repeated as necessary. This was done to predict and

compare to the experimental results from the full-scale beam testing. The spreadsheet for

this problem is provided in Appendix E. Parametric studies are provided to follow to aid in

understanding the effects of each parameter and a comparison of predictions with

experimental results at every level of applied load.

Understanding FRP Design through Parametric Variations
In order to explain the predicted behavior of an FRP strengthened beam, simple

parametric sensitivity studies were conducted using the expanded Modified method. Using

the actual experimental S&F beam properties, selected parameters were varied and

corresponding changes in the beam moment capacity and neutral axis depth were observed.

To understand individual variable effects, all of the variables were independently varied.

Figures 5-4 and 5-5 show the results of this work for the moment capacity and neutral axis



depth, respectively. This parametric study is intended only for the S&F experimental beam

used in this study.
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Figure 5-4. Parametric effects on the beam capacity for Modified method
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It is cleat from Figures 5-4 and 5-5 that the total beam depth and concrete strength most

significantly influences the beam strength and the location of the neutral axis. This finding is

interesting, in that both the beam depth and the concrete strength cannot be controlled in a

retrofit or repair work. It does elude, however, to the need to know more precisely (via non-

destructive tests or coring samples) the actual concrete strength. For FRP strengthening, the

actual beam dimensions can vary from the original drawings, although only slightly, but can

always be field verified. The concrete, in contrast, is perhaps decades old and properties can

be highly variable. Core sampling for strength and elastic modulus is possible (and

recommended). Even if laboratory tests allow for a more accurate prediction of the concrete

properties, inhomogeneity is inherent (and expected). Fortunately, the concrete is usually

stronger than the design strength and our prediction will be conservative. Note from Figure

5-5 that increasing the concrete strength significantly reduces the depth to the neutral axis,

thus increasing the internal force-couple moment arm. This mechanism contributes to the

increased flexural capacity of an FRP strengthened reinforced concrete beam, mostly in the

case of concrete crushing prior to rupture of the FRP composite.
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Some other parameters may be more variable and perhaps less well known. This

experiment used FRP fabrics impregnated in situ with epoxy resins. The actual modulus,

ultimate stress and ultimate strain are likely not the design values. (Performance based

specifications and developed test procedures can help the designer with quality control and

quality assurance and should be specified in any FRP strengthening project.) One of the

most substantial benefits of the expansion and automation of the Modified method is that

real-time re-estimation of the beam strength can be made at the push of a button (electronic

spreadsheet). This is important if laboratory tests reveal material properties other than those

assumed in design.

Increasing the modulus of the composite (and similarly the area) is effective in increasing

the capacity of the beam. However, a stiffer composite may fail in debonding as interfacial

strains increase with composite stiffness. Numerous studies have examined this

phenomenon (Arduini et al. 1997; Malek et al. 1998; Wang & Ling 1998).

Observe the lack of benefit shown in increasing either the strength of the composite or

the pre-existing strain at the bottom of the beam. This observation is true for the crushing

failure mode dominating (which may be common for relatively shallow beams) and the initial

strain being relatively small. As the initial strain at the bottom of the beam increases, its

effect on the strain developed in the FRP (hence the resisting tension force) will be more

pronounced. This fact is understood by the statement that a beam near its ultimate capacity

cannot be economically (efficiently) strengthened, since crushing of the concrete is

unavoidable. The only factor that can increase the beam strength without a negative effect is

increasing the total beam depth. This work is primarily about strengthening existing beams

and changing the beam depth is generally not an option. The engineer must understand the

limits of the FRP strengthening.

To further investigate the variation of the beam strength and neutral axis position, the

concrete strength and beam depth were varied beyond 10%. Figure 5-6 gives evidence that

the improvement from increasing concrete strength reaches a limit, after which FRP rupture

results in a reduced benefit. Figure 5-7 shows that the increase in beam strength due to

increasing the beam depth is coupled with the effects of the concrete strength. When FRP

rupture controls the strength, the effect of changing the beam depth is less pronounced.
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EXPERIMENTAL RESULTS COMPARED TO FRP DESIGN

Ultimately, the Modified design method should predict the response of the FRP

strengthened experimental beams. Therefore, the developed design method was compared

to the response of both the fully reinforced S&F beam and the F-only beam. Since this

design is flexure-based, these two beams should (and were observed to) respond similarly to

applied load. However, the F-only failed in shear while the S&F beam was predicted to fail

in flexure. Results for three different strengths of concrete are shown in Figure 5-8.
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Figure 5-8. Design vs. experimental beam results

The method describes the response with good accuracy. Most reassuring is the fact that

the material properties used to predict the response are design and not experimental values

and produce slightly conservative results. In particular, only the dimensions are experimental

values. The design concrete strength of 3000 psi (20.7 MPa) produces a slightly conservative

prediction. To further verify this design process, more experiments should be conducted and

compared to design beam responses.
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Figure 5-9. Design vs. experimental beam results (cont.)

A COMPLETE PROCESS FOR FRP STRENGTHENING OF RC BEAMS

The above discussion focused primarily on the flexural response of an FRP strengthened

RC beam. Clearly, there is a need for a complete design approach for FRP strengthening.

Flexural design is only one part of a complete design process. A few proposed step-by-step

processes have been published (Chaallal 1998, Fukuyama 1999). Although this study did not

observe or was unable to verify other non-conventional failure modes (e.g. debonding) that

are possible with FRP strengthened beams, these failure modes should not be overlooked.

The designer should be aware of the issues involved in FRP strengthening from material

selection, through fatigue issues and including durability. The following outline is suggested

to correctly design for FRP strengthening involving retrofit or repair of RC bridge beams.
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Figure 5-9 is a zoom in view of the Modified method prediction versus experimental

results. Observe that this method is not intended to predict response before cracking of the

concrete in tension. Such a condition should not exist in retrofit or repair work.
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Establish the design criteria

A. Establish the design philosophy (factored or unfactored load analysis)

B. Determine the existing condition of the elements to be retrofit

Determine material properties of existing structure, preferably by tests

Determine condition of bridge through previous or new inspections

C. Determine the required load demand

Establish the design vehicle or vehicles (typically HS20)

Determine critical live load placement and controlling forces

Establish FRP retrofit materials

Determine material properties based on manufacturer's data or by tests

Select materials based on

Cost

Durability

Strength/Stiffness

Past performance

III. Design for FRP strengthening

A. Design placement and number of layers for flexural strengthening

B. Design placement and number of layers for shear strengthening; design so

that shear failure would occur after flexural failure

C. Check premature failure modes

FRP delamination/debonding

Concrete cover shear

Plate end stress concentrations

D. Check serviceability criteria

E. Check fatigue

IV. Provide protection for FRP

Consider vandalism

Consider UV degradation

Consider large temperature fluctuations and extremes

Consider damage from fire
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CHAPTER SIX: SUMMARY OF CONCLUSIONS,
OBSERVATIONS AND RECOMMENDATIONS

CONCLUSIONS

From the experimental studies conducted on the four full-scale beams, the following list

of conclusions can be drawn. These conclusions are evident from the data and results

presented in Chapter 4 and Appendices A and D. These are with adequate evidence to be

considered conclusive for these four experimental beams.

Due to the combined shear and flexural composites, static load capacity was

increased by 49% over the original beam capacity. This increase was dependent on

the geometry of loading and material properties of both the beam and FRP. The

FRP composite retrofit had the potential to increase total load capacity to nearly

100%. Moment capacity was observed to be increased by 98%.

The experimental beams retrofitted with only the designed flexural carbon FRP still

resulted in diagonal tension failure albeit at a more substantial 155 kips (689 kN)

total applied load, compared to the 107 kips (476 kN) total load sustained by the

unstrengthened beam. Since the CFRP was intended to provide flexural reinforcing,

it was horizontally unidirectional. The CFRP was wrapped up the sides a sufficient

amount to provide resistance across the diagonal tension crack. This CFRP wrapped

up the sides was not intended to increase the shear capacity, but was added

anchorage area for the flexural composite. However, this load increase should not be

relied upon in design. In addition, the increased stiffness provided by the CFRP

decreased the deflection and thus offset cracking by reducing strain in the beam.

The addition of GFRP for shear was sufficient to offset the lack of stirrups and

cause a conventional RC beam failure by steel yielding at the midspan. This allowed

ultimate deflections to be approximately 110% higher than for the shear deficient

Control beam, which prematurely failed due to a significant diagonal tension crack.

The flexural CFRP strengthening, in addition to the shear GFRP reinforcing,

increased the load that caused yielding of the primary tension steel by more than

33%. This conclusion is drawn by comparing the loads at which the primary tension
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steel at midspan yielded for the S-only beam (120 kips) and the S&F beam (greater

than or equal to 160 kips).

Post-cracking stiffness (as described by the slope of the load-deflection curve, see

Figure 4-1) was increased by 17% and 21% for the addition of GFRP in shear and

CFRP in flexure, respectively. The addition of both systems increased post-cracking

stiffness by 30%.

OBSERVATIONS

The following notes are not conclusions per se but are evidenced by the data from the

experimental studies. These are classified observations and need further investigation to

reach definitive conclusions.

Post-cracking stiffness of all beams was increased as a result of FRP application,

most strongly due to the flexural CFRP. However, addition of GFRP for shear

reinforcing also increased the stiffness of the beam (S-only beam). This increase in

stiffness was, at certain loads, approximately equal to that created by the separate

flexural CFRP (F-only). It is believed that the overall continuity of the beam was

increased (e.g. crack widths reduced) as a result of the GFRP wrap in shear. The

addition of FRP around the perimeter of the beam is thought to create a more

homogeneous, stiffer beam. This stiffness may be the result of the FRP bridging

more cracks. This increased stiffness is not accounted for in typical RC design

approaches.

Correct placement of FRP and selection of GFRP for shear and CFRP for flexure

allowed both load and deflection to increase at failure beyond that of the

unreinforced beam. This is primarily because the Control beam had inadequate shear

reinforcing initially. For other retrofit applications this may not hold true, since the

addition of CFRP for flexure may increase the stiffness and decrease the deflection,

particularly at failure. Correctly engineered FRP reinforcing will increase static load

capacities, but may change the mode of failure.

An imperfect bond between the bottom of the concrete section and the CFRP was

evidenced from the strain lag of the CFRP from the expected plane sections remain
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plane assumption. Due to the extremely small sample size of the experiment (i.e.

only four specimens with different reinforcing schemes), further investigation is

necessary to determine if this effect is significant.

Reinforced concrete beams can be successfully instrumented with fiber optic gauges

to augment the data collected with conventional resistive strain gauges. However,

careful planning tempered by engineering judgement is necessary as strain gauge

locations and gauge lengths for the fiber optic system will determine the usefulness

of the data collected. At the time the tests were conducted, relatively long gauge

lengths were used to collect strain data for the experimental beams. Fiber-optic

gauge lengths can usually be catered to the needs of the project. Strains can

potentially be monitored over kilometers. However, for many structural applications,

strains over shorter gauge lengths are of interest. The fiber optic gauges used in this

experiment did not provide useful data in the linear behavior region (pre-cracking)

due to the gauge lengths and inadequate strain resolution. The technology is

improving. Future experiments should consider using fiber optic gauges.

EXPERIMENTAL OBSERVATIONS EXTENDED TO THE HCB

The following items are a list of important comparisons between the original Horsetail

Creek Bridge (HCB) cross beams and experimental beams. It is imperative to understand

these extensions of observations are only completely valid for the experimental loading

configuration and are limited by the adequacy of cross beam replication. The engineer must

understand that the actual structural behavior of the HCB cross beams will limit the

comparison with the experimental beams. For example, the pre-retrofit FICB crossbeams

have some end fixity to the bridge columns. Thus, the combined effects of shear and

moment are changed, when compared to the third-point loading used in the four

experimental beams. In addition, due to the small quantity of experimental beams, these

extensions of experimental observations are limited. The limitations on the following

statements must be thoroughly understood:

The original HCB beams were likely deficient in shear (prior to retrofit) as suggested

by the failure of the Control beam. The original HCB beams would have failed at

approximately 53.5 kips (238 kN) shearing force. Total unfactored dead and HS20
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vehicle live load shear acting on the bridge cross beams was estimated to be 64.5 kips

(287 kN). The total factored load was estimated to be 89.2 kips (397 kN). This bridge

has likely never seen a live load equal to or greater than the design HS20 vehicle.

The original HCB beams retrofitted with only the designed flexural CFRP might still

have resulted in diagonal tension failure. This failure, however, would have been at a

more substantial load. The experimental beam strengthened with only the flexural

CFRP failed at 155 kips (689 IN) total applied load (compared to the

unstrengthened beam failing at 107 kips total applied load). This substantial load

increase from the flexural CFRP was not an intention of the design.

The original HCB beams retrofitted with only the designed shear GFRP likely would

have failed in flexure at the midspan. The experimental beam strengthened with only

the shear GFRP failed at 155 kips (689 kN) total applied load (compared to the

unstrengthened experimental beam failing at 107 kips total applied load). Yielding of

the main flexural steel initiated prior to crushing of the concrete.

The original HCB beams retrofitted with both the GFRP for shear and CFRP for

flexure should well exceed the static demand imposed by the new design traffic

loads. The fully reinforced experimental beam exceeded the total factored load

demand (required by the load rating of the HCB) of 530 ft-kips (719 kN-m)

sustaining up to 640 ft-kips (868 kN-m) applied moment.

RECOMMENDATIONS FOR CONTINUING RESEARCH

Recommended Experimental Research
The experiments conducted at Oregon State University helped to raise partictilar

questions regarding the use of FRP as a retrofit for concrete beams. Design assumptions

were not completely verified, (although the design method was not unconservative) since

failure of the fully-reinforced beam did not occur. For this reason, the first recommendation

is to achieve a static failure of the fully-reinforced beam (S&F beam) to determine the actual

failure load and failure mode. Since our testing equipment limited this option, a suitable

alternative can be selected.

A study of the effect of FRP strengthening on cyclic loading response of this final full-

scale specimen is also recommended. Fatigue strength of any bridge beam is equally, if not
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more, important as static load resistance. Cycling the fully-reinforced beam to failure, or

another predetermined limit, is recommended. To fully quantify the behavior of FRP

reinforced beams it is recommended that additional full-scale studies be conducted. Many

studies published to-date do not involve full-scale specimens. Few publications report large

sample size, full-scale testing, undoubtedly because of economic reasons. For increased

confidence in beam behavior and to avoid waste of structural materials (due to excessive

conservatism), a number of full-scale specimens should be tested in the laboratory. It is also

recommended that an investigation be conducted into the observed strain lag of the FRP

(slightly imperfect bond). This phenomenon may cause unacceptable inaccuracies in design

calculations.

Another useful study would investigate what initial strain should be subtracted from the

strain at ultimate in the FRP. Such a study would examine the long-term deformation of

reinforced concrete bridge girders and how much live load should be considered present on

the beam at the time of retrofit. In addition, for high volume bridges it would be useful to

know the effects of cyclic loads on the girders from traffic. This would indicate how this

induced cyclic strain may effect the curing of the polymer

Recommended Analytical Research
Finite element modeling of local stresses near supports and FRP termination points is

also recommended. During the F-only test, a small area of CFRP reinforcing over the

support point sheared away from the concrete beam (an apparent concrete failure and not

adhesive failure). This behavior should be examined, since premature failure of a beam could

occur.

In addition to experimental studies, investigation should be made into the observed

strain lag of the FRP (slightly imperfect bond observed). Shear deformations of the epoxy

resin can be estimated with theoretical calculations. Such studies are likely to help develop

more accurate assumptions to be used in design.



Compression block width

E Depth to the neutral axis from the top compression fiber

Total compressive force developed in the concrete compression block

: Structural steel depth from the beam top to the reinforcement layer

dy ! Infinitesimal change in vertical ordinate

fo

ff

Steel yield stress

NOTATION

I Elastic modulus

E, Modulus of elasticity of the concrete, in particular

Ef I Elastic modulus of the FRP reinforcement, in particular

Elastic modulus of the steel reinforcement, in particular
-

f I General concrete compressive stress

Concrete compressive stress at ultimate strain (crushing)

I Stress in the concrete at the top compression fiber

28-day specified (design) concrete stren

I Stress in the FRP at any level of load

I Stress in the steel at any level of load
. ...........................

Ultimate stress (rupture) of the FRP reinforcement
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Total depth of the concrete beam or vertical distance to any FRP layer
.......

Impact factor for load rating

; Variable

Number of steel reinforcing layers

; Number of FRP reinforcing layers

Distance from top of beam to incremental layer of stress

Variable Description

d6 Infinitesimal change in strain

Y
: Distance from the neutral axis up to the centroid of the resisting C-force

i Mapplied Applied moment on the beam at a section

i a Depth of the equivalent rectangular stress block
. .......

I Af Area of FRP composite

A, Area of steel reinforcing



Mresisung I Resisting moment of the beam at a section

MDL

: Tf

I Ts

Moment due to dead load

: Moment due to live load

Nominal moment capacity

Total factored design moment

Unfactored moment from the wearing surface

Tension force developed in the FRP reinforcing layer

Tension force developed in the steel reinforcing layer

VDL ! Shear due to dead load

Shear due to live load

Vu I Total factored shear forced used in load rating

Vws Unfactored shear from the wearing surface

Rectangular stress block parameter equal to farageif,'

Equivalent stress block parameter for location of C-force

General strain parameter

Strain at ultimate stress (crushing)

ef,ret

I Strain in the concrete top compression fiber

Strain at maximum achieved stress f: (not at ultimate)

; Ultimate (crushing strain of the concrete), typically 0.003

: Strain in the FRY reinforcing

Strain at the level of any FRY layer at the time of retrofit

efu I Ultimate (rupture) strain of the FRY reinforcement

1 Strain in the steel reinforcing

Yield strain of the steel reinforcement

Strength reduction factor

1 Dead load factor used in load rating

I Live load factor used in load rating

t To avoid calculation errors, in-lb or kN-mm units should be used throughout the
calculation and results converted as appropriate.
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,ret
i Strain at the bottom of the beam at the time of retrofit.
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Gauge

1STL1

1STL2

1STL3

1CON10 1 198

1C0N13 ; 120

1CON14I 120

1CON15 I 181

1CON16 198

1CON17 1 120

1STL18 S 120

2CON1 1 198

2CFRP2i 198

2CFRP3 I 181

APPENDIX A: EXPERIMENTAL DATA

Table A-1. Resistive gauge identification

Coordinate Location2

iBent #6 rebar on North side of beam (C-D face) at
the 42" section, located in a horizontal orientation

198 5 20 IStraight #5 rebar at the 42" section

198 4.19 26.25

6

1.94

0

2STL5 i 181 4.19

Gauge Description / Notes3

85

Bent #6 rebar on North side of beam (C-D face) at
15.13 the 59" section, located at 45 degree orientation and

at midheight

20 Straight #5 rebar at the 59" section1STL4

1 1CON5 I 198 0 15.13 Midheight of 42" section on the C-D face

1CON6 1 181 0 15.13 Midheight of 59" section on the C-D face

1STL7

1STL8

2 #7 rebar at the 59" section (Northern most bat)

2 #7 rebar at the 42" section (Northern most bar)

1CON9 181 6 0 Beam bottom at the 59" section

0 Beam bottom at the 42" section

20 Straight #5 rebar at the midspan section

15.13 Midheight at the midspan section

30.25 Beam top at the 59" section

30.25 IBeam top at the 42" section

0 Beam bottom at the midspan section

2 #7 rebar at the mispan section (Northern most bar

15.13 Beam midheight at the 42" section

AFR: Beam bottom at the 42" section

Beam bottom at the 59" section

Bent #6 rebar on the A-D end at the midheight of
15.13 the 59" section (Northern most bar, oriented at 45

degrees)

30.25 Beam top at the midspan section



Table A-1. Resistive gauge identification (continued)

I Straight #5 rebar at the midspan section

!Side of beam at the rnidspan section located 4"
I from the bottom face of the CFRP surface

!Bent #6 rebar at the midheight 59" from the B-C
I end (Northern most bar, oriented at 45 degrees)

IBeam bottom at the midspan section

1#7 rebar at the midspan section (center bar of the
Ithree #7 rebars)

2CFRP8 120

2CFRP101 120

2STL11 ; 120

2CON13

3STL3

3GFRP4

3GFRP5

120 5 20

198

181

181

198

-tFRp

4.19

3GFRP6 216 I 12+tF

15.13

2

120 6 30.25

2SHR-
MID14 These gauges used for fiber

2SHR- optics comparison and

LOW15 !oriented at 45 degrees. Refer
I

to Appendix F: Fiber Optic
2SHR- Data for these gauges

HIGH16

181 6 30.25

30.25

15.13 !Beam midheight at the 59" section

30.25 1Beam top at the 59" section

30.25 IBeam top at the 42" section

Located 3" from the top surface of beam near

128 27.25
Imidspan (8" from the midspan back toward A-D
lend, located on the FRP surface and oriented
!horizontal, located over an anchor

IVertically oriented gauge (only one this beam)
3-tFRp located 24" from the A-D end of the beam on the

IA-B face and 3" from the beam bottom of GFRP

86

!Beam top at the midspan section

Gauge at rnidheight. One of 3 used for comparison
to fiber optic shear gauges, see Appendix F

Lowest gauge of 3 used for comparison to fiber
optic shear gauges, see Appendix F

Highest gauge of 3 used for comparison to fiber
optic shear gauges, see Appendix F

Beam top at the 59" section

IBeam top at the 42" section

'Bent #6 rebar on the A-D end at the midheight of I

181 4 19 15.13 the 59" section (Northern most bar, oriented at 45
Idegrees)

ILocated 3" from the top surface of beam under the I
156 27.25 Iload point on the C-D face and D end, located on I

Ithe FRP surface and oriented horizontal

I 2CON12 I 120 0 15.13 Beam midheight at the midspan section

2CON17

2CON18

I 2CON19

3CON1

3CON2



Table A-1. Resistive gauge identification (continued)

#7 rebar at the midspan section (center bar of the
three #7 rebars)

Bent #6 rebar at the midspan section (Northern
2 most bar of the two, South #6 rebar was avail2b1e

but not used), oriented in a horizontal fashion

3GFRP9 128

3CON1OI 120

3CON11 120

3STL12 120

3CON13 120

3GFRP14; 182

3GFRP161 216

3GFRP17 181

3GFRP18, 198

13 GFRP19 228

4GFRP1 181

4GFRP2 1 216
1

1 4C0N3 181

4GFRP4 i 198

1 4GFRP5 216

4C0N6 198

6

-tFRp

2

15.13 Beam midheight at the midspan section

20 Straight #5 rebar at the midspan section

30.25 Beam top at the midspan section

Beam midheight at the 59" section (noted to
15.13 actually be 1" away, toward the A-D end since the

joint did not allow placement)

30.25 Beam top at the 59" section

15.13 Beam midheight at the 42" section

Vertically oriented gauge (only for this beam)
3-tFRp located 24" from the A-D end of the beam on the

A-B face and 3" from the beam bottom of GFRP

30.25 Beam top at the 42" section
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Beam bottom on FRP located 8" back from
centerline toward A-D end, located 2 3/4" from the:
A-B face, midspan most located GFRP in tension

0 Beam bottom at the midspan section

Horizontally oriented gauge located 24" from the
3-tFRp A-D end of the beam on the C-D face and 3" from

the beam bottom of GFRP, opposite of gauge 6

Beam bottom at the 59" section

Beam bottom at the 42" section

Located directly above the support on the A-D end
3-tFRp on the C-D face, oriented horizontally 3" from the

support face, similar to gauge 4

15.125 Beam midheight at the 59" section (on a joint)

Horizontally oriented gauge located 24" from the
3-t,Rp A-D end of the beam on the C-D face and 3" from

the beam bottom of GFRP, opposite of gauge 6

3 GFRP15 198 15.13 Beam midheight at the 42" section



Table A-1. Resistive gauge identification (continued)

4C0N7 1 120 6 30.25 'Beam top at the midspan section

!Straight #5 rebar at the midspan section

4STL10 I 120 4.19

4STL11 1 59 4.19

4C0N12 1 120

4CON13 120

!4CFRP14 120

I4CFRP15 120

I4GFRP161 156

4CFRP17I 120

1 4GFRP18 1 198 9.5

'Bent #6 rebar at the midspan section (Southern
2 most bar of the two, North #6 rebar was available

and used), oriented in a horizontal fashion

'Bent #6 rebar at the midspan section (Northern
most bar of the two, South #6 rebar was available
and used), oriented in a horizontal fashion

'Bent #6 rebar on the B-C end at the midheight of
15.13 the 59" section (Northern most bar, oriented at 45

degrees)

27.25
1Beam midspan 3" from the top surface on the side
of the beam

Beam rnidheight at the midspan section15.13

88

Beam bottom at the midspan section (preferred
gauge near the A-B face) located on the CFRP

Beam bottom at the tnidspan section (not preferred
-tHlp

ilgauge
near the C-D face) located on the CFRP

1Located 3" from the top surface of beam under the
27.25 iload point on the C-D face and D end, located on

I the FRP surface and oriented horizontal

'Beam midspan 27" from the top surface on the C-
3.25 ID side of the beam, located on the lapped up

'portion of CFRP

IBeam bottom at the 42" section (offset slightly to 3
11/2" from the A-B face)

14GFRP191 181 9.5
IBeam bottom at the 59" section (offset slightly to 3 1
11/2" from the A-B face)

The first number in the gauge I.D. is the beam number (1 control, 2=F-only, 3=S-
only and 4 = Shear & Flexural FRP reinforced beam). The second part is the
material to which the gauge is applied (e.g. STL = gauge on the steel reinforcing;
CON gauge applied to exterior concrete surface). The last number is simply the
gauge number for that experimental beam.
Coordinates measured from beam bottom at the end corner. X is along the beam
span, Y is through the depth and Z vertical.
Only a selected few gauges (as indicated) are not oriented along the horizontal (X)
axis of the beam.
The designation tFRp implies the thickness of the FRP reinforcing at that location.
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Figure A-5. F-only beam strain 42" (1067 mm) from beam end
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Figure A-6. F-only beam strain 59" (1500 mm) from beam end
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APPENDIX B: DESIGN PHILOSOPHIES AND LOAD
RATING

DESIGN PHILOSOPHIES FOR FRP STRENGTHENING

Several different philosophical methods could be used in designing an FRP strengthened

beam: WSD, LRFD, USD, LFD and ULSD. Table B-1 clarifies theacronyms. Designing for

FRP strengthening will require selection of one of these philosophies and will likely be

determined by the governing code. For example, selecting WSD will be simple and

straightforward. However, WSD will require limitation of the stress in the steel such that the

FRP may not develop its full potential. Current reinforced concrete design now uses USD or

LFD for RC beams. It is common that the FRP distributor/manufacturer perform the

calculations for FRP strengthening. The engineer should not overlook the fact that the

calculations may be oversimplified and incorrect load and/or resistance factors used.

For HCB the governing design philosophy was LRFD (sometimes called LRFR for Load

and Resistance Factor Rating). This is currently only typical for load rating in Oregon as

determined by ODOT (1996). Two documents by AASHTO (1989 and 1994) provide

additional guidance to evaluate existing bridges and are referenced by ODOT when

performing load ratings. The AASHTO Guide Specifications for Highway Bridges (1996)

governs design of new highway structures.

What should be distinguished is what load and resistance factors were used for this

project and what typically would be used. For the load rating a (to of 0.85 was used for both

shear and flexure limit states. Live load factors where determined to be 1.2 and 1.3 for dead

and live loads, respectively. Impact was determined to be 10% of the live load. All these

factors were correct using LRFD and produced the rating factors provided below. The

designer must realize that load and resistance factors willvary depending on the state or local

agency. When specifications and provisions are established for FRP strengthening, it is quite

possible that a lower (to (perhaps 0.75) will be imposed. This would account for the

uncertainties in behavior of the material, its failure modes, and its general unfamiliarity, both

with designers and with contractors.
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Table B-1 Design philosophy acronyms

1 Acronym Philosophy

WSD Working Stress
Design

USD

I LFD

Ultimate
Strength
Design

Load Factor
Design

Explanation

LOAD RATING CALCULATIONS

For any structural element resisting forces the Rating Factor (RF) is defined as

RF ORn YDL (DL)

(DF)yDL (LL)(1+ I)

This equation originates from the AASHTO Manual for Condition Evaluation of

Bridges (AASHTO 1994) and Guide Specifications for Strength Evaluation of Existing Steel

and Concrete Bridges (AASHTO 1989). These specifications provide guidance for state and

local agency bridge evaluation. For reinforced concrete beams, LRFD is presently used for

load rating. A description of variables is given in Table B-2. According to this method, if the

RF is calculated below 1.0 for Oregon legal vehicles, then that element is considered

inadequate and retrofit is needed. Rating factors of 1.0 imply that the design capacity is equal

to the factored loads. It is common that rating factors are around 1.0, since most bridges are
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Older form of reinforced concrete analysis, using known
material properties and simple mechanics behavior to
estimate and limit stresses in a member. Loads are
unfactored.

Limit state analysis where predicted loads are factored
according to uncertainty and structural capacity is
calculated, then reduced and compared to factored loads.
Currently used by ODOT for load rating purposes.

LRFD method used in designing reinforced concrete
members, particularly for general structures not including
highway bridges, again using factored loads and member
capacities. Currently governed by ACI 318 (ACI 1999).

Similar to LRFD, albeit chronologically older and used
. .

primarily for highway structures . This method will be
used when designing highway structures governed under
AASHTO (1996).

European and Canadian counterpart to USD. This
method is slightly different in that the individual materials
carry the strength reduction factors, rather than the type
of limit state (e.g. flexure).

[B-1]

Load and
I LRFD Resistance

Factor Design

Ultimate Load
1 ULSD Strength

Design
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designed to meet similar criteria. If a rating factor drops below approximately 0.95 for

Oregon legal vehicles action will probably be taken. CH2M HILL, Inc. in conjunction with

TAMS Consultants (CH2M HILL 1997) performed a load rating of the HCB. The dead and

live load presented here are extracted from this work and further information can be found

in this load rating, if the reader requires it.

Table B-2. Load Rating Equation Variables

' Variable Description
HCB Shear HCB Moment
Load Rating Load Rating

Value Value

Nominal capacity of the structural
Rn member (e.g. shear or moment capacity)

Vn = 31.2 kips M = 341 ft-kips

(1) Strength reduction factor. 0.85 0.85

YDL , YLL Dead and live load factors, respectively. 1.20, 1.30 1.20, 1.30
_

Maximum dead and live load asDL, LL
calculated from the analysis. See calculations i See calculations

Impact factor to account for dynamicI
loading effects.

Distribution factor accounting for

DF number of wheels distributed to the
structural element and the longitudinal
distribution of loads to the crossbeam.

0.10

Single Lane =
0.767

Multiple Lane
.7--. 1.033

0.10

Single Lane -----

3.50

Multiple Lane =-
5.00

Load Rating of the HCB for Flexural Capacity
The nominal moment capacity of THE HCB cross beams from typical reinforced

concrete beam theory (strength limit state) and using the tension reinforcing only is

Mn=Asfy(d-a/2) [B-2]

where, a=(Asfy)/(0.8 5 fc'b) [B-3]

This is a close approximation provided the beam is ductile (steel would yield before

crushing of the concrete). The material properties for the crossbeams were unknown and

assumed for bridges built before 1959 instead of testing (AASHTO 1989). Using the

minimal information from the original plans:
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a=(5.00in2*33,000psi)/(0.85*2500psi*12in)
a=6.471 -in

Mn=(5.00in2*33,000psi) (28.0in-(6.471in/2))=
M=4,086,200 in-1b=341 ft-kips

The design vehicle for the strengthening was determined to be an HS20 truck, since the

load rating produced RFs less than 1.0 for all vehicles (design, legal and permit). Using this

moment capacity, the determined dead and live loads (CH2M HILL 1997) and the load

rating equation [B-1], the rating factor for positive moment is

(0.85 * 341 ft - kip) (1.20 *107 ft - kip)
flexure

(5.0)* (1.30* 45.0 ft - kip)* (1.10)

'''flexure = 0.50

Since the rating factor is lower than one, according to the factors determined from

LRFD and the bridge condition, the bridge needs replacement or retrofit of the deficient

members. A rating factor of 0.5 is low enough to cause concern This beam should be

immediately investigated and refinement of the analysis may be warranted to see if the

assumptions were too conservative.

Load Rating of the HCB for Shear Capacity
The nominal shear capacity of the HCB cross beams, using the gross concrete section

(typical calculation by AASHTO 1996 or ACI 1999) is,

Vc=2.0(b\vd) (fc')1/2 [B - 4]

This assumes that no steel provided in the beam will contribute to shear strength, which

is conservative but mostly accurate, since steel stirrups are not provided. For the HCB

crossbeams,

Vc=(2.0)(42500psi)(12in*26.0in)=31,2001b
Vc=31.2 kips

Using this shear capacity, the load rating equation [B-1], and the predetermined dead and

live loads (CH2M HILL 1997) and the associated factors in Table B-1 the rating factor for

shear is

(0.85 * 31.2 kip) (1.20 * 18.9 kip)
'T hear

(1.033)* (1.30* 45.0 kip)* (1.10)

RFshear = 0.06



Variable

a Equivalent Whitney stress block depth

Area of primary tension reinforcing steel

Compression flange/block width

Web width of the beam

Effective depth of the primary steel reinforcing in

DF Distribution factor: includes wheel distribution

Varies

fc' 28-day compressive strength of the concrete psi

DL, LL Maximum dead and live load, respectively

RFflexure Rating factor in flexure

Description

Steel reinforcing yield stress ksi

Impact factor

Mn Nominal moment capacity
rn,

RF Rating factor of the structural element

Rn General nominal structural capacity

RFshear Rating factor in shear

Vc Shear capacity of the concrete section

Nominal shear capacity

Strength reduction factor

'(DL 9
Dead and live load factors, respectively

US Unitst

in

t Typical units presented. The use of "" implies the variable has no units.

Metric
Unitst
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Since the rating factor is much lower than one, using the accepted load and resistance

factors for the load rating, the deficient member requires immediate attention. Note,

however, that such a low rating does not imply that the crossbeam should have failed already

(although it should show some distress) since the design loads likely never passed over the

structure. In addition, the bent steel reinforcing bars are neglected in the load rating and it

likely that the concrete strength is higher than the assumed 2500 psi (17.3 MPa). The HCB

did not show any significant signs of structural distress.

NOTATION

Table B-3. Appendix B Notation
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APPENDIX C: EXPERIMENTAL BEAM REPLICATION

RATIONALE FOR BEAM REPLICATION

The existing HCB beams were constructed during an era in which production of

reinforcing steel was different from that at the time of this project. It is assumed that the

steel with which the bridge was constructed has a yield stress of approximately 33 ksi and is

square in cross-section. AASHTO (1994) established this yield stress for use when an

engineer must analyze a section of unknown steel before 1959. Typical construction

methods now require the use of steel with yield stresses of 60 ksi and acquisition of steel

with yield stress below 60 ksi is quite difficult. In addition, steel reinforcing bars are no

longer manufactured in a square undeforrned shape, but are round deformed bars. To obtain

a yield stress of 33 ksi a special order (roll) of steel reinforcing would have been required.

Since the amount of steel required to build four replicate beams was not significant, special

fabrication of low strength steel was uneconomical. Thus, reevaluation of the beam strength

was required. Strength limit state concepts were adopted to develop design criteria for this

study. For development of a replicate beam, strength criteria were deemed more significant

than serviceability criteria. Serviceability is the day-to-day performance of the structural

member, wherein prescribed limits are established, such as maximum permissible crack

widths and deflections. Some serviceability issues were addressed in this study, such as

stresses and deflections, since data on these were collected throughout the loading.

However, when replicating the HCB beams, strength behavior was the focus over

serviceability.

EXISTING HORSETAIL CREEK BRIDGE BEAMS

There are two primary bending elements in the HCB. These are termed the crossbeams

(perpendicular to traffic) and the longitudinal-beams (parallel to traffic). The only structural

difference between the two cross-sections is a difference of one primary tension-reinforcing

bar. The crossbeam has one more 1 inch-square bar, thus a slightly higher capacity in

bending. Load rating of both beams, however, suggested a lower predicted rating factor for

the crossbeam versus the longitudinal. For this reason, crossbeams were replicated for
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7 Midspan refers to the section at the geometric center between the two support points.
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laboratory testing. When removed from the bridge structure, these beams are of the

dimensions shown in Figures 2-1 and 2-2. Placement of the reinforcing steel within the beam

is shown in Fig. 2-2. Note the absence of vertical steel now required by current AASHTO

(1996)and ACT (1999) standards. Since inadequate reinforcing was provided in the deck, the

effective flange of the crossbeam was assumed to be the width of the web (as noted in the

load rating). The deck steel was assumed present at the location of the crossbeam and was

used as compression reinforcing in the experimental beams. Under low load levels, the deck

would have been effective in acting as a flange for the beam. This would produce a stiffer

beam than the experimental beam. Again, the strength limit state was more significant and

used for replication.

MATCHING THE MOMENT CAPACITY

The critical section for any flexural loading of the beam is likely to be at the midspan7

section. Figure 2-2 shows the midspan section to be replicated in the laboratory. In an effort

to keep the replicate beam as close to the original as possible, the only parameter to be

changed is the area of steel acting as flexural reinforcing. The number of steel reinforcing

bars and locations remain the same. The estimated strength of the concrete and dimensions

remain the same. Thus, the moment capacity of the section is replicated. These calculations

neglect the 5/8-in square bars near the top (derived from the deck steel, see Appendix J,

Figure J-2). Again, the moment capacity, Mn, is

Mn=-Asfy(d-a/2) [C - 1]

where "a" is the equivalent rectangular Whitney stress block (Whitney 1957). This condition

is only true provided the tension steel yields before the concrete crushes at the top

compression fibers. The balanced steel ratio, Pb, is the ratio of tension steel area to concrete

area (b*d) where simultaneous yielding of the steel and crushing of the concrete occurs

(Nilson 1997). For the HCB beams,

fn ' 87,000
p b = 0.85131 [C - 2]

fy 87,000 +f



If the steel ratio of the beam is lower than this value, yielding of the tension steel

precedes crushing of the concrete. Hence,

000
Pb = 0.85 (0.85)

2500 87, 0.0397
33,000 33,000 + 33,000

p=As/bd = 5.00 in2 / (12 in * 28 in)= 0.0149
Since the steel ratio is below the balanced ratio, the steel yields first. For the pre-retrofit

HCB beams, the depth of the equivalent stress block "a" can then be determined by

Asfy
a= [C-3]

0.85fc' b

(5.00 in 2 ) (33 ksi)
a 6.471 i n

(0.85)(2.5 ksi)(12in)

Then, from equation [C-1]

Mn=(5.00 in2)(33 ksi)(28-6.471 /2)=4086 in-kip
Mn=341 ft-kips

Since the geometry of the beam and placement of reinforcing was to be retained as

closely as possible, the area of steel was reduced to offset the increased yield strength. To do

this, the tension force developed in the reinforcing was matched, and is given by

Asfy=(5 in2)(33 ksi)=165 kips [C - 4]

Since the replicate beams will consist of C = 60 ksi steel then,

As,new-165 kips/60 ksi=2.75 in2
Since steel reinforcing is fabricated in specific sizes, a reasonable combination of five

bars in the same location is needed. Combining 2-#6 rebar and 3-#7 rebar resulted in an

area of steel equal to 2.68 in2. Using this combination of reinforcing, the new moment

capacity is calculated:

(2.68 in 2 ) (60 ksi)
a = = 6 . 3 0 6 in

(0.85)(2.5 ksi)(12in)

Mn= (2.68 in2)(60 ksi)(27.75-6.306/2) =3955 in-kips
Mn=330 ft-kips

Thus, if the experimental beams had the above-assumed properties, they would be nearly

identical in strength to the actual HCB crossbeams. Actual strength of the steel and concrete

were slightly higher than that assumed above, but with no significant loss in adequacy. The
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following bulleted list summarizes the experimental beams versus the actual bridge

crossbeams:

Experimental beams were constructed using 3000 psi 28-day design concrete

strength. AASHTO (1989 and 1994) specifies assuming 2500 psi for an unknown

concrete strength for an old bridge. The experimental beams were determined to

have a concrete strength in excess of 4500 psi (see Appendix G, Table G-2).

Experimental beams were constructed with stronger reinforcing bars albeit with

smaller cross-sectional areas. The same locations and number of bars were used for

reinforcing steel. Moment capacity is slighter higher for the experimental beams.

Under low loads, the deck would act as a compressive flange for the actual HCB

beams At ultimate load, the deck could not be used in design as an effective flange.

Thus, the experimental beams were less stiff for the majority of the loading, when

compared to the actual HCB beams.

Since the concrete strength and steel yield stress were slightly higher than the design

values, the experimental beam moment capacity would be slightly higher than

predicted before the testing.

Since smaller bars were used in the experimental beam, the transformed section

properties would be slightly smaller for the experimental than for the actual HCB

beams. However, the concrete strength was slightly higher for the experimental

beams. The net result produced nearly identical flexural stiffness if the deck flange is

ignored for the actual HCB beams.



NOTATION

Table C-1. Appendix C Notation

Steel reinforcing yield stress

Nominal moment capacity

US

a I Equivalent Whitney stress block depth

Area of primary tension reinforcing steel

New area of primary tension reinforcing steel,
As,new converted for new tension reinforcement

Compression flange/block width

by,

Pb

Web width of the beam

Equivalent stress block parameter

Effective depth of the primary steel reinforcing
from the top compression fibers in the beam

28-day compressive strength of the concrete

Balanced steel ratio where simultaneous
crushing of the concrete would occur with
yielding of the tension steel.

in
in2

in2

in

kip-ft

t Typical units presented. The use of "" implies the variable has no units.
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APPENDIX D: DESIGN CALCULATIONS FOR MODIFIED
METHOD

The following presentation of design calculations is that which is currently

recommended by the author, based on this research. These calculations are presented to

reflect the current understanding and behavior as seen in this experimental study. The

calculations are based on the input for both the actual bridge beams and experimental

beams. These calculations are based on a prediction of the ultimate capacity and not

allowable stress design of the constituent materials. Calculations are only provided in US

Standard units since many empirical concrete design equations were derived in such units.

ASSUMPTIONS FOR MODIFIED DESIGN

As suggested in Chapter 5, the original design process for shear and flexure is refined to

predict the strength of the experimental beams, hereafter referred to as the Modified

method. The Modified method is a modification of the Initial method. The following

assumptions are necessary for this design process to be valid.

General Assumptions
Classical beam theory assumptions apply.

Elastic or inelastic and homogeneous concrete material behavior.

Elastic-perfectly plastic steel reinforcing. A check will be required to ensure that the steel

has not begun strain hardening or is near rupture.

Linear elastic behavior of FRP materials up to failure.

Strength provided by components is the summation of parts (e.g. total shear strength is

the strengths of the concrete plus steel plus FRP).

Assumptions Specific to Flexure

Fl. When crushing of the concrete controls the failure of the beam the equivalent

Whitney stress block can model the stressed concrete section.

Plane-cross sections remain plane during bending.

Some initial strain exists at the bottom of the beam due to dead loads, which will

be subtracted from the plane-sections strain in the FRP.
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F4. Five failure modes are possible (see further).

i. Steel yields, then concrete crushes and PRP finally ruptures.

Steel yields, then the FRP ruptures.

Concrete crushes prior to steel yielding and FRP rupture.

FRP delamination

Concrete cover shear

F5. Shear strength is sufficiently greater than the flexural strength.

F6. All failure modes other than the following have been checked and avoided.

i. FRP delamination

Concrete cover shear

Shear failure of the beam

F7. If composite properties are known, the composite properties will be used.

F8. If composite properties are not well known (e.g. a new fabric) the fiber

properties and strength will be used unless adequate (ASTM) tests have been

conducted to give actual properties in which case the tested values will be used.

Assumptions Specific to Shear

Si. Limiting FRP-concrete interfacial strain is 0.004.

S2. Bond stresses will be checked and should not exceed an average 200 psi.

FLEXURAL DESIGN INPUT REQUIREMENTS

The following Table D-1 and D-2 give the needed information to begin the Modified

method calculations.



Input

Existing Concrete Section

Width of reinforced
I concrete section

Height of reinforced
concrete section

Beam Geometry

Variable = US Standard Value Metric Value

b= 12.0 in 12.0 1305mm 305

30.00 in 30.25
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Table D-1. FRP strengthening input requirements for actual bridge and experimental
beams

0 0

711 ram 705

0 0

762 mm 1768

t Small steel reinforcing bars do exist above the elastic neutral axis, but were found
to be near the neutral axis after cracking and near ultimate and are disregarded for
design. If compressive reinforcing is available and placed to increase the resisting C-
force it should be included in design.

Area of compressive steal. As' = 0 I 0

Depth of tensile steel d = . 28.00 in 27.75

Depth of compressive steel I d' = '0 0

HCB Exper. HCB Exper. !
5

Area of tensile steel !A = I 500m2 2.68 I 3226 mm2 1729

Beam clear span len L. = 216 in 216 in 5490 mm 5490



Table D-2. Design material properties for actual bridge and experimental beams

Input

; 33 ksi 60 ksi 228 MPa 414 MPa

Concrete

1 Compressive strength

Elastic modulus

Ultimate strain (crushing)

1 Steel Reinforcing

Yield strength

1 Elastic Modulus

Strain at yield

CFRP Reinforcementt

Reinforcement type

ITensile strength

Elastic modulus

= Ultimate strain

FRP thickness per ply

GFRP Reinforcementt

Reinforcement type

Tensile strenth

Elastic modulus

Ultimate strain

FRP thickness per ply

US Standard Value Metric Value
I Variable

tf =

CARBON FABRIC epoxy saturated, composite properties)

9,000 ksi 62.0 GPa ; 62.0 GPa

; 0.0122 0.0122 0.0122

0.041 in 1.04 mm 1.04 mm

HCB

2.5 ksi I 3.0 ksi

2850 ksi 3122 ksi

0.003 0.003

0.0011 0.0021 0.0011 0.0021

110 ksi ! 110 ksi 758 MPa ; 758 MPa

9,000 ksi

0.0122

0.041 in

0.02

0.051 in

113

. 17.2 MPa 20.6 MPa

; 19.7 GPa 21.6 GPa

0.003 ; 0.003

0.02 0.02 0.02
4

! 0.051 in 1 1.30 mm I 1 30 ram

t Design properties were supplied by manufacturer. The same material was used for
the experimental beams as was used to retrofit the actual bridge.

Using the design concrete strength.

3,000 ksi ; 3,000 ksi

I GLASS FABRIC (epoxy saturated, composite properties)

f 1 60 ksi 1 60 ksi I 414 MPa 414 MPa

1 20.7 GPa 20.7 GPa
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Loads and Existing Section Capacity
The information provided in this section is arranged to accommodate the load rating

procedures as prescribed by ODOT (1996) and AASHTO (1994). In general, for flexural

strengthening, a pre-retrofit moment capacity and required moment capacity will need to be

provided. Accepted reinforced concrete theory should be used to calculate the existing

section capacity.

Table D-3. Design loads and capacity input for actual bridge beams only

Rating Factor
Conventional load rating requires the calculation of a rating factor. If the rating factor is

below 1.0, the structural member is considered inadequate for the required loading and load

factors for condition evaluation (AASHTO 1994). Load rating of the HCB is presented in

Appendix B. The rating factor was determined for flexure to be RF = 0.50, for the HCB

beams.

MODIFIED DESIGN PROCEDUREBRIDGE BEAMS

Comments for the following calculations will be provided to clarify the procedure. A

step-by-step process is given resulting in a recommended FRP strengthening scheme.

Strain in the Beam at the Level of FRP Composite
It may be necessary to predict the existing strain at the bottom of the beam at the time

the concrete section is retrofit. This initial strain will usually only be significant if it is on the

order of the limiting strains in the constituent materials (i.e. steel, concrete and FRP).

Input I Variable US Standard Value Metric Value

Live load momentt M =LL 248 ft-kips 336 kN-m

Dead load moment MDL 107 ft-kips 145 kN-m

Total unfactored moment MWL = 355 ft-kips 481 kN-m

Existing section capacity Mn,extst = 341 ft-kips 462 kl\T-m

t Including impact.
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The section is likely to have cracked at some time during its lifecyde, but if it is

uncracked and in the linear region of concrete stress, the strain can be estimated by:

fbMapplied/S Mapplied *(11-Y)/ Tut [D -1]

As an optional estimate, one can use the gross section properties such that,

fb= Mapplied / S Mapplied *(h/2)/Ig [D -2]

Where Iut and Ig are the uncracked transformed moment of inertia and gross section

moment of inertia, respectively, according to classical RC theory.

eb,ret= fb /Ec [D-3]

For the actual bridge, assume that the dead load plus an additional 10% of the live load

will be acting on the beam at the time of retrofit. This 10% value is a very rough estimate

and was proposed by the Initial method, and others (Nanni et al. 1998). For comparison

only, it will be used in these calculations also. This will require unfactored loads, and is a

service level stress calculation. The various moment of inertia calculations are according to

standard RC theory. Calculate the applied moment and tensile stress at the beam bottom by

Mretrofit YL,ret*(248ft-kips)+(107ft-kip)=132ft-kips [D-4]

where, YL,ret= 0.10 (estimated)

fb=132ft-kips*12 *(30.0 in/2)/27,000in4=0.879 ksi [D -5]

The tensile strength of the concrete (typical modulus of rupture calculation) is,

fr' 7.5*(fcr = 7.5*(2500psi)1/4/1000=0.375 ksi [D -6]

At this point, it is obvious that the section is cracked since fb exceeds the tensile strength

of the concrete. Thus, cracked elastic section equations can be used. Calculate

p5=As/bd=(5.00 in2)/(12 in)(28.0 in)= 0.0149 [D -7]

n5=Es/E(29,000 ksi)/(2850ksi)=10.2 [D -8]

k=ups*ns)2±2(ps",)]1/2_(ps",._ [D -9]) 0.419

celastic=(k)(d)= (0.419)(28.0 in)=11.74 [D -10]

These equations assume elastic material behavior and the equations are only valid for a

singly reinforced concrete beam (i.e. neglecting the presence of any compression steel).

j =1- k /3 [D -11]

j =1-0.419 /3 =0.860

2M
fc =

kjbd2
ED-12]



2(132 ft - kip)(12)(1000)
= 934 psif =

(0.419)(0.860)(12.0 in)(28.0 in)2

934 PsifE = 0.000328
Ec c c = 2,850,000 psi
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[D-13]

Note that Ecy must be less than 1/2 Ecu which is 0.003/2, or 0.0015, for this linear

approximation to be valid.

El)_
(h

c)(E = :30.011.7141.74

\
0.000328) [D-14]

Eb= 0.000510= Eb,ret

This is the strain at the bottom of the section at the time of retrofit, derived from similar

triangles of the cross-section strains. It is important to mention here that this value of strain

is very small in comparison to that which will be sustained by the FRP. That is, if the FRP

has an ultimate strain at failure of 0.0122, comparing this initial strain to that at failure is only

a variation of 4%. However, since stress and hence force are related to strain, it is important

to correctly estimate the strain developed in the FRP. When the beam is retrofit, unless

prestressing occurs, the FRP will have zero strain Other behavior may have a more

significant effect on the capacity, such as possible FRP out-of-straigthness or looseness

during application.

Also, it may be useful to calculate the curvature at the time of retrofit by,

(Pretrofit (Ecic) =(0.000328/11.74)= [D - 1 5]

(Pretrofit =2.79x10-5in-1

Area of the FRP Required to Resist the Factored Loads
This calculation relies on the load rating procedure to find the required capacity. These

calculations were performed in Appendix B. Recall that,

RFexisting
[OMn

YDL * MDL

DF * (1+ I)yu, *Mu,
[D-16]

This resulted in a rating of 0.5 in flexure for the actual bridge. Naturally, the FRP

strengthened section must have a resistance factor of at least 1.0. The required moment

capacity is then back calculated.

(RF =1.0)* 5.0 *1.10*1.3*45 +1.2*107
M [D - 1 7]

0.85



M required = 530 ft kips

The required resistance provided by the FRP is the current moment shortfall.

M required existing
FRP required 530 341 = 189 ft -kip

Determination of the Failure Mode
To estimate the failure mode begin by calculating the depth of the neutral axis at the

balanced condition according to the geometry in Figure D-1. The balanced condition here is

such that the concrete reaches its limiting crushing strain and the FRP reaches ultimate strain

simultaneously, and the steel is very likely to have yielded.

Figure D-1. Strain profile at the balanced condition

h*Eci,
balanced =

(6cu 6fu + b,retrofit
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[D-18]

[D-19]

30.0 in* 0.003
c balanced = =5.721m

(0.003 + 0.012 + 0.000510)

Now, calculate the maximum area of tensile steel reinforcement to allow FRP rupture

before the concrete crushes. This is simply a statement of internal force equilibrium for the

beam without the FRP present, using Whitney (1956) stress block assumptions. If the actual

area of steel is greater than this value, regardless of the amount of FRP added to the beam,

crushing of the concrete will always precede rupture of the composite.



A=s,max

O. 85 *fc'*(3, *C *b]

0.85*2500 psi*0.85*5.721in*12 in
3.76 in2A s,max

33,000 psi

As,.. = 3.76 in2 >A s,provided = 5.00 in 2

This shows that crushing of the concrete may or may not preclude rupture of the FRP

composite.

Required FRP Area for Crushing of Concrete Failure
For internal couple equilibrium, where C = T, and from accepted reinforced concrete

theory, where the actual stress variation in the concrete is approximated by the Whitney

stress block:

a*fc"Di *b=As*fs+Af*ff [D - 2 1]

Where

a=0.85 (for rectangular beams)

0.65 Pi = 0.85 0.05 fc 4000

1000

E
[d cl

= r(6c )
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[D-20]

0.85 [D-22]

Where f: is in psi units. Relating the strains in the three materials geometrically with

plane-sections remain plane assumptions (similar to Figure D-1) helps to solve this equation.

The strains are:

[D-23]

This will be the governing equation for crushing failure of the concrete. At this point, a

solution must be iterated, since the distance to the neutral axis and area of FRP are

unknown. This is quickly done using a spreadsheet. A good start is to realize that the steel is

very likely to yield before failure of either material, thus eliminating one unknown.

[h_ciE = r(e

Combining p-21} with

0.85fc ' ab = A,

)eb,et

[D-23]

( d

and p-24],

E.E, + Af eb,ret Ef

[D-24]

[D-25]
c

c)
ECU

c



0.85fcT1ab = Asfy +A1
h - c

c ieCU
Cb,ret Ef

L.

First estimate Af according to the FRP material selected. Select one layer at 24" wide

such that,

Af=bf*tfrp= 24.0 in*0.041 in =0.984 in2

(5.00 in2)(33 ksi) + (0.984 in2)[( h c 0.003 0.000510 9000 ksi
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[D-26]

c [D-27]
0.85(2.5 ksi)(12 in)

c= 8.803 in

Check the strain in the steel and FRP by [D-23] and [D-24],

es =
[28.0 8.803

1* (0.003) = 0.00654
8.803

Ef =
[30.0 - 8.803 1*(0.003)

0.000510 = 0.00722 0.000510 = 0.00671
8.803

Note that the steel has obviously yielded and the FRP is below rupture. The moment

capacity is then,

Mn =As *fr *(da/2)+Af*Ef *Ef *(ha/2) [D-28]

where a=r31c or a=0.85*8.803= 7.483in [D-29]

Using the known neutral axis and area of FRP,

Mn=(5in2)(33ksi)(28.0in 7.483in/2)
+(0.984in2)(0.00671)(9000ksi)(30in 7.483in/ 2)
M.= 5563 kip-in= 464 k-ft

Note that iteration may be avoided in design, if we use the required moment capacity,

M required=530 ft-kips=6360 in-kipn,

This will produce two equations with two unknowns from equations [D-25] and p-28]

assuming that the steel has yielded before the concrete crushes. Simultaneously solving these

equations will give a value for c and then A However, FRP manufacturers supply FRP at

standard thickness and widths. It may be true that providing one additional layer of the FRP

used on the experimental beams will be sufficient to meet the moment demand. However,

three layers were selected to be used in high moment regions on both the experimental and

actual beams and therefore will be used for further calculations. Thus,
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Af=bfrp*tfrp= 72.0 in*0.041 in =2.952 in2
From equation [D-27],

c = 11.192 in

Observe that adding more area of FRP dropped the neutral axis away from the top of

the beam, slightly decreasing the internal moment arm. Check the strain in the steel and FRP

by [D-23] and p-24],

Cs =
[28.0 11.192

1*(0.003) = 0.00451
11.192

Ef
30.0 - 11.192

.j(0.003)
0.000510 = 0.00453 0.000510 = 0.00504

11.192

Note that the steel has yielded and the FRP is well below rupture. The moment capacity

is, from equation [D-28],

Mn=(5.0)(33)(28.0 9.513/2)
+ (2.952)(0.00504)(9000)(30.0 9.513/2)

Mn=6870 kip-in=573 k-ft > 530 k-ft 0 . K .

Following load rating requirements, the rating factor after strengthening can be

calculated from [D-16]

0.85* 573 ft - kip 1.2 *107 ft - kip
. 1 1 > 1 . 0RFretrofit 5.0*(1+0.10)*1.3*45ft-kip

The retrofitted beam then satisfies strength requirements from LRFD (AASTHO 1994,

ODOT 1996) load rating specifications.

System Ductility Requirements
These calculations could be performed precisely as presented in the Initial method.

There is no cause for any modifications. Ductility requirements should be met according to

deformation capacity. Since FRP reinforced beams avoid the classical steel yielding failure

and instead result in FRP rupture, ductility should be redefined to explain the deformation

capacity of the FRP beam appropriately. This experimental work does not deal with ductility

requirements. However, so long as the equations are used correctly, the ductility

requirements presented in Appendix E could be used.

Curvature

The curvature at ultimate load is,
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E 0.003
2.68x10-4in [D - 3 0]

c 11.20 in

Or, checking against the FRP strains,

efu

Eb,ret
(0.0122 + 0.00051)

ult 6.77x10-4in-1 [D - 3 1 ]
h c (30.0 in 11.20 in)

Since the curvature estimated using the FRP strain limit is tighter (lower) than using the

concrete strain limit, crushing of the concrete controls the failure mode (i.e., eq. [D-30]). A

comparison of the moment and curvature at yield to that at ultimate is necessary to evaluate

the ductility of the system. Consider the ratio

Mn/My= 570/331=1.72 [D-32]

Wult 2 . 6 8 / 0 . 6 9 8 = 3 . 8 4 [D - 3 3]

NOTE:

IF Mn/My .2 1.3, THEN tlink /41y must be greater than 2.5

+ IF Mn/My < 1.3, THEN Nita ilify must be greater than 2.0

In this case, both curvature requirements are satisfied.

Ductilio Indices

For conventional design requirements, the ductility index g shall be greater than 20

When moment redistribution is relied upon, IA shall be greater than or equal to 4.0. If seismic

resistance of the system is essential for the design, g shall be greater than or equal to 3.0.

The ductility index is defined by

2 Easi

1 [ +11= [my 1121

2Mn Ivy

M . + Mn 1 n y +0.5

At this point, the reader is referred to Nanni et al., 1998. Many of the above equations

are presented in this conference paper, including equation [D-34]. The basis for these

ductility index limits is not well documented. Since this experimental study is not about

defining ductility, but rather correctly estimating the shear and flexural strength, the ductility

requirements will not be investigated. However, with the appropriate values substituted, the

ductility index is

= 5 . 2 > 2 . 0

[D-34]



h
E =I

d c )65
eb,ret

In addition, the concrete strain is geometrically related to the strain in the steel by:

(dc\
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Ductility requirements for general design are satisfied. Note that this particular ductility

index assumes that the beam has some reserve after the concrete crushes. This is a difficult

argument to make, since the beam is very likely to collapse once the concrete crushes. This

index should not be used. If this method would have predicted failure of the composite prior

to crushing of the concrete, the index may be more appropriate.

Stresses and Strains Developed under Working Loads
It is necessary to check service level stresses and compare against allowable values. These

calculations are only necessary if the working load moment is greater than 80% of the yield

moment (Nanni et al. 1998). From Appendix B and E,

MwL=355 k-ft >0.8*My=0.80*331 k-ft=265 k-ft [D - 3 5]

Thus, the following conditions must be satisfied:

Tensile Steel Reinforcing 0.80*Ey

Concrete in Compression -- < 0.45*f:

FRP composite Ef 0.3 0*Efu

If these limits are not satisfied then service level stress and strains will govern the design

and the previously calculated reinforcing will need to be changed.

Elastic Stresses and Strains
For these calculations, assume that the provided FRP area will be used in design (Af =

2.952 in2). Also, assume elastic material properties. Internal equilibrium is described by

C=T [D-361

0.5*c*b*Ec*Ec=A5*Es*Es+Af*Ef*Er [D-37]

The strain in the FRP is geometrically related to the strain in the steel by:

[D-38]

Cc [D-39]
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Since linear elastic behavior of the concrete is assumed, the stress in the concrete will be

limited to 1/2 the compressive strength. Use the elastic modulus according to typical strength

relations,

Ec=57,000qfc'=2850 ksi [D-40]

According to equation [D-37] above and the geometric relationships developed from

plane-section strains, the strain in the steel as related to the depth to the neutral axis by,

AfEfEb,ret
Es = [D-41]

{[13,:cld +ASE, +AfEf hdic

When simplified, the above equation will give a quadratic relationship in the neutral axis

location, c. In order to develop another equation to relate to p-41], solve

MwL As *Es *Es(dc/ 3)+Af *Ef *Ef(hc/3) [D-42]

In equation [D-42] the strain in the composite is substituted from Eq. p-39]. After

substitution and significant simplification, the neutral axis is

c = 1 2 . 3 in

This allows quick calculation of the strain in all components by substitution. These

strains are then comparable to the allowable values previously mentioned. The results are,

c5=0.000039<0.8fy/Es=0.00091 O.K.

Ec=0.000031

cr,=Ec* ec=88 ksi<3.0 ksi O.K.

ef=0.000399<0.3*Efu =0.000444 O.K.

MODIFIED DESIGN PROCEDUREEXPERIMENTAL BEAMS

Similar calculations as the above are given here, accept experimental beam values are

given. In these calculations, focus is on predicting the strength of the beam.

Strain in the Beam at the Level of FRP Composite
It may be necessary to predict the existing strain at the bottom of the beam at the time

the concrete section is retrofit. This initial strain will usually only be significant if it is about

the limiting strains in the constituent materials (i.e. steel, concrete and FRP). For the
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experimental beams, the initial strain is very minimal and due only to the beam self-weight.

For the experimental beams, the section is unlikely to have cracked at during its short life in

the laboratory. If it is uncracked the strain can be estimated by

fb=Mapplied/S= Mapplied *(h-y)/I, [D-43]

Where I the uncracked transformed moment of inertia according to classical RC

theory.

Ela,ret= ft/EC [D-44]

The applied dead load moment at the time of FRP strengthening was

m re tr. ft t= w (L)2 / 8 [D-45]

Mretrofit= (30.25in*12.0in)/144*150 pcf*(19 ft)2/ 8
MretrofIt= 17.1 ft-kips
fb=17 .1 ft-kips*12*(30.25-15.575)in/ 30597in4= 0.098ksi

At this point, it is obvious that the section is not cracked since fb is much lower than the

tensile strength of the concrete. Uncracked section equations can be used. The strain is

Cbfb/E
=

98 psi
=0.0000314= Eb [D-46]

C 3,122,000 psi
,ret

Note that ecy must be less than 1/2 Ecu which is 0.003/2, or 0.0015, for this linear

approximation to be valid. In this case, it is much lower.

It is important to mention here that this value of strain is very small in comparison to

that which will be sustained by the FRP. That is, if the FRP has an ultimate strain at failure

of 0.012, subtracting this initial strain from that at failure is a variation of only 0.2% in the

failure strain. However, since stress and hence force are related to strain, it is important to

correctly estimate the strain developed in the FRP. When the beam is retrofit, unless

prestressing occurs, the FRP will have zero strain.

Determination of the Failure Mode
To estimate the failure mode begin by calculating the depth of the neutral axis at the

balanced condition according to the geometry in Figure D-1.

h * E,
cba = [D-47]

(6c +ef 6b,ret)

30.25 in *0.003
cbai =5.949in

(0.003 + 0.012 + 0.0000314)



Now, calculate the maximum area of tensile steel reinforcement to allow FRP rupture

before the concrete crushes.

A
[0.85*fc'13*cbsi [D-48]

[0.85 * 3000 psi * 0.85 * 5.949 in *12 in]
= 2.58 in 2As,max

60,000 psi

As,. = 2.58 in2 < As ,provided = 2.68 in2

This shows that crushing of the concrete will precluded rupture of the FRP composite.

Regardless of the selected FRP reinforcing, crushing of the concrete will control. This

behavior will be common and depends largely on the geometry of the section.

Required FRP Area
For internal couple equilibrium, where C = T, and from accepted reinforced concrete

theory, where the actual stress variation in the concrete is approximated by the Whitney

stress block:

a*fc'* Pi*a*b=As*f,+-Af*ff
Where

cc= 0.85 (for rectangular beams)

f '-4000]
1000

0.65 5_ [pi = 0.85 0.05 0.85

Relating the strains in the three materials geometrically with plane sections remain plane

assumptions helps solve this equation. The strains are:
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[D-51]

This will be the governing equation for crushing failure of the concrete. At this point, a

solution must be iterated, since the distance to the neutral axis and area of FRP are

(E.)eb,ret [D-52]--c
Ef

[h
I

Combining {D-49} with [D-51] and [D-52],

0.85fc'13iab = As(dc)cEs Aft C Eb,ret ]Ef [D-53]



0.85(3 ksi)(12 in)

c=7.742 in
Check the strain in the steel and FRP by [D-51] and [D-52],

[27.75 7.742-
7.742

* (0.003) = 0.00775

Ef [30.25

7.724]* (0.003) 0.0000314 = 0.00869
7.724

Note that the steel has yielded and the FRP is below rupture. The moment capacity is

then,

M =As *fy *(da/2)+Af *Ef *Ef *(ha/2) [D-56]

Where a=1:31c

Using the known neutral axis and area of FRP,

Mn=(2.68)(60)(27.75-6.581 /2)
+(0.984)(0.00869)(9000)(30.25-6.581 /2)

Mn= 6008 kip-in= 501 k-ft
Note that iteration may be avoided in the design, if we utilize the known required

moment capacity,

Mn,required=530 ft-kips= 6360 in-kips

This will produce two equations with two unknowns from equations [D-54] and [D-56]

assuming that the steel has yielded before the concrete crushes. Simultaneously solving these

equations will give a value for c and then Af. However, FRP manufacturers supply FRP at

standard thickness and widths. It is apparent at this point, that providing one additional layer
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unknown. This is quickly done using a spreadsheet. A good start is to realize that the steel is

very likely to yield before failure of either material, thus eliminating one unknown.

0.85fc'fi1ab = As f + Af[y 6cu Cb,ret]Ef

First estimate Af according to the FRP material selected. Select one layer at 24" wide

such that,

Af=bfrp*td= 24.0 in*0.041 in =0.984 in2

(2.68 in 2)(60 ksi) + (0.984 in 2)[( h c
0.003 0.0000314000 ksi
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of the FRP used on the experimental beams will be sufficient to meet the moment demand.

However, three layers were selected to be used in high moment regions on both the

experimental and actual beams and therefore will be used for further calculations. Thus,

Af=bf*tfrp= 72.0 in*0.041 in =2.952 in2
From equation [D-54],

c = 1 . 2 8 in

Check the strain in the steel and FRP by [D-51] and p-52],

Note that the steel has yielded and the FRP is below rupture. The moment capacity is

then,

From equation [D-51],

Mn=(2.68)(60)(27.75-8.742 /2)
+(2.952)(0.00579)(9000)(30.25-8.742 /2)

Mn=7742 kip-in=645 k-ft 0 . K .

System Ductility Requirements
These calculations will be perform precisely as presented in the Initial method. There is

no cause for any modifications. Ductility requirements should be met according to

deformation capacity. Since FRP reinforced beams avoid the classical steel yielding failure

and instead result in FRP rupture, ductility should be redefined to explain the deformation

capacity of the FRP beam appropriately.

Stresses and Strains Developed Under Working Loads
It is necessary to check service level stresses and compare against allowable values. The

following conditions must be satisfied:

Tensile Steel Reinforcing Es 0.80*Ey

Concrete in Compression -- ac< 0.45*f:

FRP composite ef 030*Efu

E =

ef =

= 0.00512

0.0000314 = 0.00579

[27.75 10.28]* (0.003)
10.28

[30.25 10.28
(0.003)

10.28
]*



If these limits are not satisfied then serviceability will govern the design and the

previously calculated reinforcing will need to be changed.

Elastic Stresses and Strains
For these calculations, assume that the provided FRP area will be used in design (Af =

2.952 in2). Also, assume elastic material properties. Internal equilibrium is described by

Since linear elastic behavior of the concrete is desired, the limiting strain of 0.002 in the

concrete will be required. Use the elastic modulus according to typical strength relations,

Ee=57,0004fe'=3122 ksi
The strain in the steel as related to the depth to the neutral axis is,

AfEfEb,ret
Es

Ef Es

[bc2Ee c{ c\f h_c+AsEs +AfE
1 dc

When simplified, equation p-62] will give a quadratic relationship in the neutral axis

location, c. In order to develop another equation to relate to [D-62], solve

M As *Es *Es (d / 3) + A f *E * Ef (h / 3) [D-63]

Where

[h ci
E f ,retdc

After substitution and simplification,

c = 1 0 . 1 in

This allows quick calculation of the strain in all components by substitution. These

strains are then comparable to the allowable values previously mentioned.
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[D-64]

C=T [D-57]

Or,

0.5*c*b*Ec*Ee =As*Es*Es+Af*Ef*ef [D-58]

The strain in the FRP is geometrically related to the strain in the steel:

h c
Ef ES b,retrofit [D-59]

d c

In addition, the concrete strain is related to the strain in the steel:

E1 c
IE [D-60]d c
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SHEAR DESIGN PROCESS

The Modified method process for shear design is equivalent to that presented in the

Initial method (Kachlakev and McCurry 2000). No changes are made as the design is very

straightforward and conservative. Designing an FRP reinforced beam for shear is different

from flexure in that the strains of the FRP will be limited. Ultimate capacity (failure)

calculations are not appropriate in this case, since strain limits the effectiveness of the

concrete-FRP bond. For this reason, experimental studies have suggested that the strain in

the FRP jacket be limited to a value of 0.004. Shear design is outlined as follows for the

HCB beams and summarized for the experimental beams For shear design, the use of the

subscript "j" will designate the various properties of the FRP jacket. This notation will be

useful in separating flexure and shear variables.

Concrete Shear Capacity
Typical reinforced concrete design methods will be used to calculate the concrete

contribution to shear capacity. The shear capacity calculation here includes the d = 28"

assumption and not the 26" used in the load rating. The actual bridge has a changing depth,

due to the roadway crowning. The calculations here are for comparison to experimental. The

simplified capacity,

V, = 2.0.1f7(b)(d) [D - 6 5]

V, = 2.0. (12)(28.0) = 33,600 lb = 33.6 laps

Steel Shear Capacity
In the case of the Horsetail Creek Bridge and the experimental beams, no stirrups were

provided. Thus,

Shear Deficiency
Assuming that the total capacity is the sum of the constituent capacities, the required

resistance of the FRP shear jacket is,

= vded + v I [D-67]

A f d
Vs --= v Y =0 [D-66]



Required FRP Jacket Thickness
V.

t.>
2EIE1D(cot 0)

Where 0 is the angle between the shear crack and the principal direction of the FRP

jacket fibers (assumed unidirectional). Using the known values,

01)V, 71.3 kipst > for 45° shear crack = 0.248 in
2E,EID(cot 45) 2(0.004)(3000 ksi)(12")(1)

Required Number of Layers

# layers
0.248

= 4.9 5 layers
ti/ layer 0.051

Check Concrete Bond Stress
The bond stress is empirically limited to 200 psi. Thus,

(3000ksi)(4*.051)(0.004)
200 psia =

1 12 in

For this case, the bond is at its limit for the 12 in development length. Since the

composite had more than 12 inches to develop bond, this requirement is satisfied.

Clearly, this method of design is very conservative. The required limitations are still in

debate amongst the various researchers in FR? strengthening. The suggested 0.004 strain

and 200 psi are conservative and this project was not able to suggest different values.
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(I)VI = (89.2 lap 0.85(33.6 kip)) = 60.6 lap

The FRP jacket must then resist a total force of 71.3 kips if a phi factor of 0.85 is used.

This is the resistance to be provided by the FRP at a limited strain of 0.004. The actual

design of the HCB beams may have used a limiting strain of 0.005 (this is unknown since the

actual design was proprietary and may have been different).

[D-68]



NOTATION

Table D-4. Appendix D notation

Variable Description

a Depth of the equivalent rectangular stress block

Af , Area of FRP

Af,required Required area of FRP to resist the load demand

A Area of steels

As,max Maximum area of steel such that concrete
I compression controls

s,provided I Provided area of steel reinforcing

Area of compression steel reinforcing

Av I Area of shear reinforcing

Compression block width

b talfto Total width of FRY to be provided

bfq, I Width of FRY reinforcement

IDepth to the neutral axis from the top compression
I fiber

DF

I Depth to the neutral axis at a balanced failure
I condition

Depth to the neutral axis from loading causes elastic
I stresses

cy I Depth to the neutral axis from the beam top at steel
yielding

C I Total compressive force in the concrete

Structural steel depth from the beam top to the
reinforcement

Structural steel depth of the compression
reinforcement

Distribution factor account for lane distribution of
live load
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US
MetricStandard UnitstUnitst

in 1mm
in2 mrn2

in2 mrn2

in2

in

in

min.2

mrn2

in mm
I

in ram

in mm

kips

, D Bond development length of the FRY jacket

in mm

in



Table D-4. Appendix D notation (continued)

varies

MPa

! DL

-elastic

Ef

Etotal

' LL

Total unfactored dead load

I Modulus of elasticity of the concrete

I Elastic modulus

1 Elastic modulus of the FRP reinforcement

1 Elastic modulus of the FRP composite jacket

Elastic modulus of the steel reinforcement

I Total elastic modulus of the beam

1 Stress in the bottom of the beam

1 Stress in the concrete at the top compression fiber

1 28-day specified concrete strength

1 Ultimate stress (strength) of the FRP reinforcement

I Modulus of rupture of the concrete

1 Yield stress of steel reinforcing

1 Total overall depth of the concrete beam

1 Impact factor applied to live loads as specified by
AASHTO

in

1 Gross concrete section, uncracked moment of inertia I

Uncracked transformed moment of inertia

1 Neutral axis parameter relating neutral axis to
I structural depth

1 Applied moment at the time of retrofit ft-kips kN-m

1 Moment caused by the total unfactored dead loads ft-kips

1 FRP

MLL Moment caused by the total unfactored live loads

ina

A/FRP
- Require moment resistance to be provided by theM required ft-kips

MPa

MPa

GPa

MPa

MPa

mm

0\0
I Neutral axis parameter relating neutral axis to
I structural depth

1 Beam span length

I Bond development length

1 Total unfactored applied live load

1 Any given moment
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Table D-4. Appendix D notation (continued)

ft-kips

Required moment capacity to resist the applied loads ft-kips

ft-kips

Mn,required

Mretrofit

MWL

My

'existing

RE retrofit

tftp

tj

,ret

Total unfactored moment applied at the time of
retrofit

1 Working load moment (service level loads)

Moment at which the primary tension steel
reinforcing yields

I Ratio of steel elastic modulus over concrete elastic
modulus

Load rating factor as defined by AASHTO (1989)

1 Existing section rating factor

1 Rating factor after retrofit of the beam

1 Nominal resistance (any mode)

1 Spacing of shear steel stirrups

1 Elastic section modulus

Distance from the top of the beam to the uncracked
1 neutral axis

Thickness of the FRP reinforcement per layer

Thickness of the FRP jacket for shear stren

Total tension force in reinforcing

Shear strength of concrete section alone

Factored applied loads shear force demand on the
section

Shear strength of the FRP composite jacket

Shear strength of the steel reinforcing stirrups

Rectangular stress block parameter equal to faverage/f;

Equivalent stress block parameter for location of C-
I force

1 Strain at the bottom of the beam

Strain at the time of retrofit at the level of FRP to be
added
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varies

in

in

in

in

kips kN

kips

laps

kips

kips

ft-kips k_N-m

ft-kips IcN-m



Table D-4. Appendix D notation (continued)

b,ret

Ec,ultinate

YDL

YL,ret

LL

Wretrofit

Wuk

lily

Strain at the time of retrofit at the level of FRP to be
added

1 Strain in the concrete top compression fiber

! Strain in the concrete top compression fiber at
I ultimate load

Ultimate crushing strain of the concrete, typically
0.003

Strain in the concrete top compression fiber at steel
yielding

Ultimate (rupture) strain of the FRP reinforcement

Strain in the FRP composite jacket

Strain in the steel reinforcing

Yield strain of the steel reinforcement

Dead load factor

Ductility index

Stress in the concrete

reduction factor

Percent of live loads to he applied at the time of
retrofit

Live load factor

Angle of FRP jacket fibers relative to a shear crack radians

1 Tension steel reinforcement ratio, typically As/(bd)

I Bond stress limitation at FRP-concrete interface

1 Curvature at the time of retrofit

1 Curvature at ultimate load

1 Curvature at yielding of the primary steel tension
reinforcement

t Typical units given. The use of "---" implies variable has no units.
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APPENDIX E: AUTOMATION OF THE MODIFIED
DESIGN METHOD

To provide an example spreadsheet a diskette attached to the end of this thesis. On this

diskette is a Microsoft Excel® file titled "Modified Method Automation.xls." The file was

created using the 1997 release of Excel®. The file is a two-sheet workbook with macros that

calculates the resisting moment and neutral axis location for values of concrete compressive

strain up to 3000 microstrain. Instructions are provided within the file.
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APPENDIX F: FIBER OPTICS EVALUATION

FIBER OPTIC STRAIN DATA

Much of the data collected from the fiber optics (FO) was ultimately not useful for

behavioral interpretation of the experimental beams. This was the result of two specific

shortcomings the gauge length used being relatively too long and the resolution of strain too

rough to extract representative strain response from the beam testing. One particular

example of this gauge length problem is shown in Figure F-1.

180

160 Top and Midheight
Resistive Gauges

Fiber optic gauge
4

140

.1'120

0
6-1 100

801

--- 712

623

534

0.000 0.001 0.002 0.003 0.004 0.005 0.006 0.007 0.008 0.009

Strain

Figure F-1. Fiber optic vs. resistive strain gauge comparison (nearly all strain
recorded in fiber optics is due to strains near beam bottom)

There was a specific problem with gauges placed in high shear regions of the

experimental beams. As shown in the sketch in Figure F-1, the fiber optic gauges in the

shear region collected data over a 27.6 in (700 mm) gauge length. This length included a
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shear crack near the beam bottom and near-zero strains near the top of the beam. Strains

near the bottom of the beam and near the support are very high due to diagonal tension

cracking. In contrast, strains near the top of the beam over the supports are very small,

particularly after growth of the shear crack. Thus, providing a gauge over this distance only

produced average strains, which were not useful for structural analysis of these concrete

beams. This fact is supported by the resistive gauges from the F-only beam, which were

strategically placed in the same location as the fiber optic gauges (albeit on opposite long-

side faces of the beam). Three gauges (2SHRLOW15, 2SHRMID14 and 2SHRHIGH16 see

Appendix A, Table A-1) were located to compare the three regions of the beam. One gauge

provided strains 6" from the top of the beam, one gauge provided strains at the mid-depth

and one provided strains 6" from the bottom of the beam. All gauges were oriented along

the same 45 degree line as the opposite fiber optic sensor. As seen in Figure F-1, the lowest

resistive strain gauge ruptured early in the loading from the shear cracks and the top and

midheight gauges sustained only minimal relative strain.

Experimental studies and FEM analyses have shown that the compression stress

trajectories for a uniformly loaded simple span concrete beam are qualitatively that shown in

Figure F-2. Near the support at the top of the beam, relatively small strains are anticipated,

when compared to the high tensile strains resulting from the diagonal tension crack. After

this crack forms, these strains could be even lower. This would not be the condition for a

fixed end beam, which is more like the condition of the existing HCB beams under most

loads. However, this plot shows that the experimental FO data in shear was difficult to use

for interpretations of the structural behavior of the experimental beams.



Principal Compression
Stress Trajectories

Figure F-2. Principal compression stress trajectories for a uniformly loaded
homogeneous simple beam (after Nilson, 1997)

This is not to say the existing Horsetail Creek Bridge fiber optics are not useful. In

contrast, the opposite is quite true. The FO set-up for the HCB was designed to collect

potentially useful data. On the bridge, there are two separate gauges in the high shear region

of the beams. These gauge lengths are slightly shorter than those used in the experimental

studies. Regardless of their lengths, however, they can be used to decipher if the bridge beam

is approaching failure. This can be done by establishing a strain limit beyond which the fiber

optic system (being monitored "real time") can signal impending failure. A warning could be

sent via the internet (or other communications) to the necessary agency (e.g. ODOT). As an

estimate, if the strains recorded by FO gauges in the shear region of this beam exceed 0.003

the bridge should be inspected thoroughly for damage. This limit is derived from Figure F-1

where the FO shear gauge indicates significant advancement of the shear crack at 0.003

strain. If the bridge is recording data "real time" an event that caused the gross overload may

be pinpointed, and permanent deformations determined A similar discussion is valid for the

flexure gauges, except that another strain value could be selected.

Flexural strain recorded by the FO gauges had similar problems, since the gauge length

in this case was 39.4 in (1000 mm) We can say from the data (See Figure F-3 and Figure F-

4) that should the recorded strains on the bridge approach or exceed 2000 microstrain the

beams are nearing failure and have potentially sustained permanent damage. The FO flexure

data can serve as a failure envelope for monitoring the bridge beams. Since we know the
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Figure F-3. Fiber optic-resistive strain data for F-only beam
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capacity and load-strain relationship, we can establish a strain-load relationship for

monitoring the bridge beams.

The remaining data provided by the FO strain gauges are presented in Figures F-6 to F-

9. Keep in mind, however, that fiber optic data should not be used for direct comparison

with the resistive gauge data. Recent advances using fiber optics have reportedly overcome

the resolution problem. These types of gauges could be used in the future in a more suitable

way to produce very useful information..
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Table F-1. Fiber optic (FO) gauge identification

4FOSFRP-F5

142

0.70 m C-D B-C I External shear gauge over all FRY reinforcing

14FOFCON-24 1.00 m Bottom B-C Internal flexure gauge under all FRY reinforcing:

4FOFFRP-26 1.00 m I Bottom I A-D External flexure gauge over all FRY reinforcingi

4FOFCON-27 1.00 m Bottom IMidspanlInternal flexure gauge under all FRY reinforcing!

14FOFCON-28
1.00 m Bottom I Midspan External flexure gauge over all FRY reinforcing;

The first number in the gauge I.D. is the beam number (4 = Shear & Flexural FRY
reinforced beam). FO = fiber optic gauge. The third letter is the strain intention, S
for shear and F for flexure (e.g. FOF = fiber optic gauge intended to collect flexural
strain at the beam bottom; FOS = fiber optic gauge intended to collect strain in the
high shear region). The second three letters are the material to which the gauge is
applied (e.g. FRY = gauge on the exterior of the FRY composite; CON = gauge
applied to exterior concrete surface, mostly under the FRP). The last number is
simply the gauge number for that experimental beam.
See also, Fig. F-5.

Location2

Gauge Description / NotesGauge I.D.1
Gauge l Beam Beam
Length Side End i

4FOSCON-02 0.70 m

4FOSCON-03 0.70 m

A-B

C-D

AD

B-C

Internal shear gauge under all FRP reinforcing

Internal shear gauge under all FRY reinforcing .

4FOSCON-04 0.70 m C-D A-D Internal shear gauge under all FRY reinforcing

4FOSCON-05 0.70 m A-B B-C Internal shear gauge under all FRY reinforcing

4FOSFRP-12 0.70 m A-B A-D External shear gauge over all FRP reinforcing
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Figure F-5. Fiber optic shear and flexure gauge locations (dimensions in mm;
flexural gauges centered on the 1/4 span locations)
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APPENDIX G: ELASTIC MODULUS OF THE CONCRETE

Conventional 6 in. x 12 in. prismatic cylinders were sampled and tested according to

ASTM C 34 and C 39 (ASTM 1996) for each of the four experimental beams tested. The

elastic modulus calculations using the test cylinders compressive strengths were found to

notably over-predict the actual moduli of the tested beams. A correlation between the elastic

modulus and pulse velocity of the concrete was performed to better determine the actual

elastic moduli of the tested beams. Since hand calculations and finite element models were

being developed to predict the behavior of the tested beams, material properties needed to

be known more precisely. This Appendix is a supplement to provide the reader information

as to why and how the pulse velocity method was used to determine the elastic modulus.

ELASTIC MODULUS RESULTING FROM ASTM C 34 AND C 39

Curing and Testing Procedures
Conventional cylinder samples were collected during the pouring of all four full-scale

beams according to ASTM C 34 procedures. Concrete was sampled at various times during

the beam pour and vibrated briefly to mimic the way concrete in the full-scale beams was

vibrated. Some samples were collected as the pour began, some during the middle and some

at the end of each beam pour. Cylinders were placed in standard molds (plastic and

disposable) and capped for 24-hours. After one day, cylinders were removed from the molds

and fully submerged in tap water and remained there at ambient temperature. Cylinders were

not removed from the water bath until tested in compression according to ASTM C 39

standards. During testing of the cylinders, extra care was taken to alleviate any errors from

uneven top and bottom surfaces via sulfur capping or using rubber pads. No peculiar or

unexpected behavior was observed during these cylinder tests.

Curing Conditions of Cylinders and Experimental Beams
Due to the size of the full-scale specimens, adequate water baths were not available to

fully submerge the curing beams. Special care was taken to ensure that the beams were in as

moist of a curing environment as feasible. Immediately following each pour, the beam and

mold were underlain and covered with plastic sheeting to minimize loss of moisture during
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curing. In addition, burlap was generously placed on the curing beam under the plastic

sheeting and water was applied (lily to keep a moist curing environment. Beams were

removed from the forms after 7 days of curing. It is important to note that the cylinders,

although from the same mix and design batch as the experimental beams, cured in a more

desirable environment. Excess water was always availnble for curing. Full-scale beams were

cast in wood forms, which likely absorbed a portion of water needed for curing.

Cylinder Results
According to procedures outlined in ASTM C 39, compressive cylinder tests were

performed to establish the concrete compressive strength. Selected cylinders were tested on

7, 14 and 24 days as well as the day of testing. All full-scale beams were tested beyond the

28th day of curing, because FRP strengthening and instrumentation required ample

preparation time. The average cylinder strength for each beam on the day of testing is given

in Table G-1. It is important to observe that the "design" value, as requested from the

concrete supplier, was intended to be 3000 psi. Values from these tests show notably higher

results than the design concrete strength.

Table G-1. Average cylinder strength on the day of testing

Beam Days since pour fc' (psi) fc' (MPa)

Control 82 6079 41.9

F-only 125 4422 30.5

S-only 164 5569 38.4

S&F 198 4968 34.3

Elastic Modulus Calculations from Compressive Cylinder Results
According to the accepted relationship between the elastic modulus and 28-day

compressive strength (ACI 1999, AASHTO 1996)

Ec=57,000(ft')1/2 [G - 1]

In the above equation, the concrete modulus (Er) and the 28-day compressive strength

(f;) are in lb/in2 units. A more refined estimation of the elastic modulus is available if the

unit weight of the concrete is known (Nilson 1997) such that



t Saturated-surface-dry (SSD) conditions.

Beam Deflections using Test Cylinder Elastic Modulus Estimations
Extensive calculations were conducted using the elastic moduli given in Table G-2. After

exhaustive checks of equipment calibrations and conversions, it was determined that the

assumed elastic moduli where not sufficient to represent the deflections of the beams. Hand

calculated deflections were predicted to be approximately 1.7 times less (for all four beams)

than those actually observed during the testing using the design elastic modulus. All beams

showed good deflection trends from beam to beam (i.e., made good engineering sense), but

all where less stiff than predicted. This required further investigation into the elastic modulus

assumptions.

CORRELATION BETWEEN ASTM C 469 AND C 597

Using the remaining cylinders, left over from the compressive cylinder tests mentioned

above, a relationship between the elastic modulus of the concrete and the pulse velocity was

established. Procedures and measurements were followed according to ASTM C 469 and C

597 standards (AST'M 1996).
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Ee--= 3 3.5wc"(fc')1/2 [G-2]

Here, the unit weight of the concrete (we) is in lb/fe units. The unit weight of each

cylinder was carefully obtained. Resulting predictions of elastic modulus using equations G-1

and G-2 are given in Table G-2. Again, using the "design" concrete strength of 3000 psi, the

elastic modulus would have been estimated at 3,122,000 psi.

Table G-2. Concrete elastic modulus results using ASTM C 39 cylinder strength data

Beam Unit Weight It fc' (psi)
(pcf)

Ec (psi)
from [G-1J

Ec (psi)
from [G-2]

Ec (GPa)
from [G-21

Control 142.1 6079 4,444,000 4,358,000 30.05

F-only 142.5 4422 3,790,000 3,733,000 25.74

S-only 133.6 5569 4,254,000 3,803,000 26.22

S&F 137.0 4968 4,018,000 3,730,000 25.72



8 Equipment specifications: PUNDIT 6, CNS Famell, 1 Manor Place, Manor Way,
Borehamwood, Hertfordshire, United Kingdom.
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Basics of Pulse Velocity as Related to Elastic Modulus
There exists a relationship between the fastest transit time of an ultrasonic wave

(compression wave) to the modulus of any solid, elastic and homogeneous medium.

Numerous publications pertaining to this relationship for concrete have been published over

the last 70 years (Lin et al. 1997, Naik 1979, Malhotra 1976, Powers 1938). Only

fundamental information necessary to explain the correlation is presented here.

To determine the pulse velocity, careful measurement of the path length over which the

transmitted compression wave will travel is needed. Using reliable and calibrated equipment

an ultrasonic pulse is sent from a transmitter then read by a receiver and the time between

pulses is recorded. (Ultrasonic wave transit times for this experiment were recorded using a

portable ultrasonic nondestructive digital indicating tester, or PUNDIT') The shortest pulse

transit time is automatically recorded. An example of this process is shown in Figure G-1.

The velocity required for the induced compression wave pulse to travel through the medium

is defined as

V 7-- L T [G - 3]

This velocity is related to the elastic modulus of a material (Malhotra 1976) by:

(1 -1)
V [ G - 4]

p (1+ D)(1 2D),

The variables p and D are the material's density and Poisson's ratio, respectively. Thus, if

p and 1) are known, and the velocity measured, the elastic modulus can be back-calculated.

This method has been well documented in the technical literature. Often mentioned are the

factors influencing the pulse velocity method with concrete.
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Receiver

To PUNDIT

Figure G-1. Pulse velocity measurement of a concrete specimen

Factors Influencin Pulse Veloci Measurements throu h Concrete
A number of factors have been discovered to influence the pulse travel time. Size and

shape of the specimen tested do not have an effect on the measurement if the wavelength

of the pulse is longer than the path length. For this experiment, this was determined to not

have any affect. Methods of propagation may effect measurement (direct, semi-direct,

indirect or surface transmission). Since direct transmissions were used in this experiment

(such as shown in Figure G-1), the method of propagation had no adverse effect on the test

results.

A number of factors specific to concrete have been examined for the pulse travel time

through a steel reinforced concrete specimen. Specifically,

Location and type of reinforcing can provide a "quicker" route (provides a higher

modulus) for the pulse and produce erroneous results if improperly accounted for.

Type of aggregate has shown no significant influence.

Angularity of aggregate has shown a small influence.

Aggregate (or cement) content will have an influence.

Cement type has minimal influence.

Water-to-cement ratio will have an influence.

Curing conditions will have an influence (curing water content).

Moisture content of concrete (at time of testing) will have an influence

Rate of hydration has shown influence.
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Of all the above bulleted items, only the last three could introduce errors into this

experimental correlation between pulse velocity and elastic modulus, since all other issues

were avoided or negligible since the same concrete mix was used. Many publications

addressing relationships between pulse velocity and strength/modulus admit that no general

relationship exists for the following reason:

"The reliability of [these relationships] becomes practically

unfeasible if the concrete mixture proportions are unknown."

(Lin et al. 1997)

Researchers have reached a general consensus, however, that relationships may be

established by the determination of pulse velocity and elastic modulus provided that further

use of the relationship only be used for that particular concrete (ASTM C 597, Naik 1979,

Malhotra 1976). Specifically, if a batch (that mix, pour and curing condition) of concrete is

used to develop a relationship, then that relationship can be used for that particular concrete.

For this experiment, only the moisture content due to the size difference of the beams

versus the cylinders would be variable. This affects the last three bulleted items. However,

the pulse velocity tests were conducted long after the 28-day period and cylinder samples

were tested at oven dry conditions. It is believed that these effects were insignificant at the

time of pulse velocity measurements.

ELASTIC MODULUS FROM ASTM C 469

ASTM C 469 provides a standardized procedure to determine the compressive modulus

of a standard 6 in. x 12 in. cylinder. Using the remaining unbroken cylinders, these tests were

conducted. The results of the tests, conducted at various load increments are provided in

Figures G-2 and G-3. From inspection, it is obvious that the higher the moisture content of

the cylinders, the higher the elastic modulus. Elastic moduli in Figure G-2 are much higher

than in Figure G-3.
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The observation that the moisture content of these cylinders had a profound effect on

the elastic modulus is evidence that the standard compressive cylinder tests were probably

not representative of the actual full-scale specimen concrete properties. The two conditions

where elastic modulus tests were conducted provide upper and lower bounds, between

which the moduli of the beams are expected to fall. The saturated-surface-dry condition

(SSD) and the oven dry state represent two extreme moisture contents. The full-scale

specimens remained in ambient (albeit protected from rain) conditions after curing for at

least 7-days in the described moist environment. The moisture content of the beams is

expected to be closer to the oven-dry state. This was confirmed by the pulse velocity

measurements, which suggest a modulus slightly higher than those given by the cylinders in

the oven dry state.

Pulse Velocity Correlation
Using multiple carefully located pulse measurements (careful to avoid adverse effects due

to steel reinforcing or FRP), the average pulse velocity of each experimental beam and the

above measured cylinders was determined. Using the known behavior of pulse-modulus

relationships and a 4th order polynomial fit of data points given in Figure G-4, the elastic

modulus was correlated for each beam, as given in Table G-3. It is these values of elastic

moduli that are believed to be more accurate and were used in all calculations (accept

"design" calculations) and are presented in the main body of the thesis. It is important to

note that the modulus predicted from this correlation was much lower than what was

suggested from the cylinder strength tests. This supports the hypothesis that the

compressive cylinder tests were an inaccurate measure of the elastic modulus.

Table G-3. Pulse velocity results for experimental beams

Beam Average Pulse
(lan/s)

Ec (ksi) from
Figure G-3

Ec (GPa)

Control 3.718 2,810 19.3

F-only 3.531 2,550 17.5

S-only 3.596 2,630 18.2

S&F 3.483 2,480 17.1
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Figure G-4. Pulse-velocity correlation for experimental beams

Beam Deflections using Pulse Velocity Elastic Modulus Estimations
After using the refined elastic moduli estimations from the pulse velocity correlation,

calculated deflections were closer to the experimental data. However, even the new elastic

moduli did not allow close enough prediction of the beam deflections using standard beam-

theory calculations. Even using finite element analyses where every experimental beam was

divided into 14 frame elements, each with varying moment of inertia (due to flexural

cracking, steel reinforcing locations), theoretical calculations did not match experimental.

Deflection trends did agree with expected behavior when comparing between beams,

however. It is believed that two sources produced the prediction mismatches. Cracking of

the gross beam section prior to loading and the unhindered growth of diagonal tension

cracks may have created deflections greater than the theoretical equations predicted.
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APPENDIX H: DATA COLLECTION EQUIPMENT
SPECIFICATIONS

SENSORS

Resistive Strain Gauges
Since strains were monitored on the internal steel reinforcing, on the concrete surface

and on the surface of the FRP an appropriate gauge needed to be selected. To meet the

needs of uniformity and economy, wire resistance gauges of 60-mm "active" length were

chosen. These concrete-specific gauges were of sufficient length to integrate across aggregate

non-uniformities on the beam surface (bond preparation procedures followed

manufacturer's specifications). After minimal preparation, these gauges were also easily

applied to the steel reinforcing. (Steel deformations were ground smooth and manufacturer

recommended procedures taken to bond and protect the gauges; see Fig. J24, Appendix J).

Description: resistance wire strain gauge, with polyester backing, wire leads.

Manufacturer: Tokyo Sokid Kenkyujo Co., Ltd.

Distributor: (USA sales) Texas Measurements, Inc. 409-764-0442

Model: PL-60-11

Active Length: 60-mm

Resistance: 120-ohms

Gauge factor: 2.1

Displacement Transducers
Beam deflections were monitored at three points on the beam tension face (bottom),

including midspan. Linearly Variable Differential Transformers (LVDT) of a Direct-Current

powered variety (DCDT) were chosen for ease of use and calibration. A style of DCDT with

a loose core rather than a spring-loaded core was used to minimize the possibility of damage

at beam failure.

Description: LVDT, DC powered (hence DCDT)

Manufacturer: Solartron Metrology

US offices: Buffalo NY 716-634-4452

Models used:

DFG5 (serial no. 121316, nominal range +/- 5-mm)
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Note: Type DFG5 = DCDT1

+ DFG15 (serial no. 69784, nominal range +1- 15-mm)

Note: Type DFG15 = DCDT2

DFG15 (serial no. 72870, nominal range +/- 15-mm)

Note: Type DFG15 = DCDT3

Mechanical Dial Indicator
Midspan deflections were measured using a dial indicator for all tests to confirm the

results from DCDT measurements. Only one dial gauge was used, located at midspan

(equivalent to DCDT2).

Description: Dial Indicator, mechanical

Range: 0-1 inch (small divisions 0.001 inch)

Manufacturer: Varies

Load Indication
A 600-kip Baldwin Test Machine with a load-indicating dial built in, equipped with a

peak-indicating needle, was used. In addition to the indicating needle, an electronic pressure

sensor with signal conditioning provided a load signal. This load signal was monitored

during all tests. Calibration of the sensor was derived using the load dig] as a standard. The

load dial had been calibrated and certified within a year of all testing.

Fiber Optic Strain Gauges
Blue Road Research should be contacted (www.bluerr.com) regarding specifications of

the fiber optic data collection system.

SIGNAL CONDITIONING AND DATA ACQUISITION SYSTEMS

The systems used for signal conditioning and data acquisition "evolved" during the

testing of the four beams. The system used for Beam #1 was found inadequate for strains,

and a better strain instrument was brought into use for Beam #2 as explained below.

Subsequently, that instrument was also used to monitor all variables for Beams #3 and #4.
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Control Beam Testing
Signal conditioning and data acquisition were achieved using a single hardware system

manufactured by ADAC Corporation.

Signal Conditioning and Analog to Digital (A/D) Conversion

Description: Strain gauge bridge completion and preamplifiers were contained in a

module with terminals for strain inputs, as well as for high-level

signals. This module was connected via a 6-foot ribbon cable to a 12-

bit A/D converter board, which resided in the Data Acquisition PC

(personal computer).

Manufacturer: ADAC Corporation, Woburn, MA 01801, (781) 935-3200

Model No.: 4012BGEX (strain gauge amp and bridge completion); TB5525 &

5302EN (terminal board and enclosure) 5525MF (A/D board)

Personal Computer

486DX/66 IBM-compatible running Windows 3.11

Data Acquisition Software

LabTech Notebook for Windows, version 9.0 was used for data collection. This

allowed real-tune monitoring of signals and produced an ASCII record file.

Flexure-only Beam Testing
Strain data from the first beam testing was noted to be too noisy. In addition, the ADAC

strain measuring system was found to have insufficient strain zeroing capabilities. For these

reasons, a more sophisticated strain measuring system by Hewlett Packard was obtained.

This system was based on the HP 3852A scanning voltmeter, and HP Vee 5.0 software. The

HP system was found to have much wider zeroing capability, higher rejection of power-line-

frequency noise and better strain resolution. For the second testing, the HP system was used

to gather strains only; an entirely separate PC data system was used concurrently to log

displacement and load data. A marker signal was applied, common to both systems, for

synchronizing the systems In addition, PC clocks were closely synchronized before testing.



Strain Monitoring

Signal Conditioning and A/D Conversion

Description: 5-1/2 -digit integrating voltmeter with terminal board, bridge

completion and amplifiers for strain gauges.

Manufacturer: Hewlett-Packard Corp., Palo Alto CA 94303, (800) 452-4844

Model: 3852A mainframe with 44701A integrating voltmeter, 44705A relay

multiplexer, and 44717A relay multiplexer for 120-ohm strain gauges.

Personal Computer

486DX/66 IBM-compatible; Windows 95

Data Acquisition Software

HP Vee for Win 95, version 5.0

Load and DCDT monitoring

Signal Conditioning and AID Conversion

Description: PC data acquisition system with on-board signal conditioning and 14-

bit AID conversion.

Manufacturer: Validyne Engineering, Northridge, CA (800) 423-5851

Model: UPC-607

Personal Computer

486DX/66 IBM-compatible

Data Collection Software

Validyne "EasySense" for DOS

Shear-only Beam Testing
The HP 3852A/HP Vee system was further developed so load and displacements could

be monitored along with all strains. A single PC and data system were used. All data were

written to a single data file. Four to six strains of interest were plotted in real time for

monitoring during the test.

Shear & Flexure Beam Testing
This beam used the same system as S-only beam testing.
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APPENDIX I: OBSERVATIONS DURING SECOND SHEAR
& FLEXURE TESTING

Experimental data from the second testing of the S&F beam and other observations

during the testing are presented here. The predicted failure sequence and design moment is

examined. Collected data from the fourth full-scale beam test indicated increasing strain and

deflection during constant load application. The question arose: was this due to electrical

problems or did the data reflect actual strain? It was determined that for most channels,

strain and deflection actually changed under constant load.

SECOND TESTING OF THE S&F BEAM

One vital question remained unanswered at the end of the full-scale beam tests: what

was the capacity of the fully-reinforced section? To answer this question, observation of the

second testing data at the midspan section was required. Careful inspection of Figure I-1

provided clues as to how and at what load the S&F beam would fail. In particular, events

that occurred at approximately 135 and 150 kips, affecting all the channels presented here.

At 135 kips, the primary tension reinforcing (see 4STL9) did not increase in strain with

increased loading, likely indicating that the steel yielded at a nearby crack, noted to be at a

different location than this strain gauge. The reduction in strain recorded in the 4STL9 gauge

would indicate that the steel is between cracks, and reflects the distribution in stress/strain

along a reinforcing bar in a cracked concrete section. This resulted in a loss of stiffness for

further increases in load, reflected in the remaining gauges by higher rates of strain increase

from applied load. Up until this point, the neutral axis of the beam was relatively unchanged,

as seen in strain channel 4STL8. Upon yielding of the primary steel, however, this channel

4STL8 switched from compression to tension indicating that the neutral axis moved up

toward the top of the beam. This produced a higher rate of strain increase At 150 kips an

event occurred that caused substantial strain increases in all channels, indicating impending

failure. At the maximum applied load of 160 kips the top concrete strains are just below a

crushing strain of 3000 microstrain. This confirmed the failure sequence previously

suggested by the design calculations. At 160 kips the total applied moment was 640 ft-kips,

only 5 ft-kips below the predicted capacity of the S&F beam. The strain channel 4CFRP14
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During constant load application, deflection and strain data were noted to slowly climb

(more positive or more negative). The testing of all the experimental beams involved

stepping the total applied load. This stepping was done since the fiber optic (FO) data

collection equipment used could not continuously collect data. The observed drifting9

created a data set that was suspect. To establish the validity of the fourth beam data set, an

investigation was made into the relationship between load, deflection and strain data.

4STL9
- )

4CFR17 4CFRP14
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apparently failed. Real-time observation of the channels 4C0N7 and 4CFRP14 was made

using a personal computer graphical display. The 160 kips total applied load was held steady

for 5 minutes and no apparent increase in the 4C0N7 strain indicated the beam would fail at

this load. This lack of strain increase was observed in all channels (except 4CFRP14, since it

failed) after final data reduction.

4C0N7--Be2rn
Top @ Midspan

from Top on Side
@ Midspan

4STL8--Straight
#5 Rebar @
Midspan

- 4STL9--#6 Rebar
@ Midspan

4CFRP17--27"
from Top on Side
@ Midspan

4CFRP14--Beam
Bottom @
Midspan

9 Drifting refers to changing strain in the absence of any apparent structural cause, possibly
due to electrical phenomenon.

-4000 -2000 2000 4000 6000
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Sources of Drifting and Strain Error
The are four basic avenues by which both the strain and deflection data could actually

change under steady loading. These are:

Electrical phenomena: such as temperature increase altering the apparent resistance.

Operator error: such as allowing the machine to slowly apply higher load.

Structural bending of the beam causing increasing deflections and thus strains.

Noise or electrical resolution of the data collection system.

During the S&F beam testing, changing of strain under steady load resulted from

increasing deflections. That is, the constant load times were long enough to observe slight

deflection increases. Changing strains reflected this increasing deflection.

However, two or three channels did appear to slowly drift, likely due to electrical

phenomena (suspected to be from insufficient protection from wet concrete). This behavior

was seen during previous beam tests and was anticipated to occur during the S&F test. Slow

strain drifting was found to occur on gauges embedded within the beam on the steel

reinforcing. This drifting was visible early in the testing and manifested itself throughout the

duration. The S&F Beam testing required more time to conduct than previous tests as more

FO data channels were used'''. This increased time for which constant load application was

required revealed continued bending of the beam. Internal equilibrium was not immediate,

which could likely occur in a RC beam due to slow development of flexural cracks

Determination of Source
If all the data, which would appear to be affected by drifting, were simply thrown out,

only seven of the 20 strain channels would be used for interpretation of beam behavior.

Thus, an attempt was made to determine the source. The following Table I-1 depicts

characteristics and observed behavior of all the resistive strain channels for the S&F beam

testing.

10 Collection of fiber optic data required manual switching of channels and hence holding the
load steady.



Table I-1. Strain channel drifting information for low loads

Gauge
ID Material Location

4GFRP2 GFRP

4CON3 CON

4GFRP4 GFRP

4C0N6 CON 1067

4C0N7 CON Midspan

STL Midspan

STL Midspan

Top, exterior

4STL8

4STL9

4STL11 STL

4GFRP16 I GFRP

Near
Support

1500

1067

4CFRP17

4GFRP18 GFRP 1067

4GFRP19 GFRP 1500

Midspan

Load
Point

Midspan

Description

Top, exterior

Midheight, exterior

Top, exterior

Near top, interior

Near bottom, interior

1500 Midheight, interior

Midspan Near top, exterior

Midspan 1 Midheight, exterior

Midspan Bottom, exterior

Bottom, exterior

Near top, exterior

Near bott., exterior

Bottom, exterior

Bottom, exterior

Drifting Behaviort
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Visible downward drifting

Notable downward driftin

Slight downward drifting

Slight downward drifting

Notable upward drifting

Notable upward drifting

Notable upward drifting

Extreme upward drifting

Visible downward drifting

Notable downward drifting

Visible downward drifting I

Notable zero drifting

Notable zero drifting

Slight downward drifting

Slight downward drifting

t Downward drifting implies a more negative (more compressive) strain. Upward implies
more positive (more tensile) strain. Zero drifting implies a tendency toward zero strain,
from either direction.

Observed Load Compared to Deflection

4CON12 ! CON

4CON13 CON

Observed Load

Aside from noise in the data collection channel and slight operator error, the load

remained constant during "steady" load application (see reduced data set in Figure 1-2).

4GFRP1 GFRP 1500 Midheight, exterior Notable downward drifting

Near bottom, exterior Notable downward drifting

STL Midspan Near bottom, interior4STL10

I 4CFRP14

4CFRP15

CFRP

CFRP
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(a) (b)

Figure 1-2. Portions of collected load data (a) during typical no load application and
(b) during first load application

In most cases, the operator would slightly over-apply the load when trying to reach a

constant load application time, as would be expected. It was intended that load be held

steady at pre-selected load levels and slowly increased in between. Ideally, the load would be

applied in equal incremental time and load steps (e.g. programmed electronically). The

loading machine (see Appendix H for information) is hydraulically operated and manually

adjusted through value controls. Before initial beam cracking for all beam tests, three cycles

from zero to 15 kips were applied. The first ramp up to 15 kips is shown in Figure 1-2 (b);

over-correction being apparent. This over-correction, however, is not a source of error in

the data collected since varying load (minus noise) will be reflected in deflection and strain

data. Electrical noise in the system produces an error of ± 0.150 kips in the collected load

channel.

Observed Deflection

The deflections observed during the constant load application often "slowly" increased

as visible in Figure 1-3. The cause of the drift cannot be due to increasing load, since the load

versus deflection data implies increasing deflection under steady load, as apparent from

Figure 1-4. Observe that the deflection during pre-cracking load application did not slowly

increase, as seen by the slope of the two steady load application times in Figure I-3(a).
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Figure 1-4. Increasing deflection under steady loading
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Figure 1-3. Observed post-cracking (a) and slow deflection increase (b)



Strain Data Observations

15-kip Cyde Strain Data
While it is apparent that some strain channels wandered, what remains to be concluded

is whether the increase of strains in some channels was the result of increasing deflection

under steady loading. One strain channel that did clearly wander (4STL11) is seen in Figure

1-5. During the three cycles from zero to 15-kips and back to zero, this strain channel

appeared to wander. The difference between drifting and unaffected channels is clearly seen

in Figure 1-6, where an unacceptable amount of residual or permanent strain appears to

develop. When combined with electrical noise effects, the accuracy of the strain data was

approximately ± 10 microstrain for each 15-kip cycle.

Figure 1-5. Obvious drifting of 4STL11 compared to reliable 4C0N9

Combined Data at 50-kip
The same argument applied to deflection data is also good for the strain data. Although

application of load was reasonably constant during the stepped loading sequences, increasing

strains must be structural if increased deflections are observed. In addition, if the increasing

strains (non-drifting) agree with the direction of increased deflections (e.g. top gauges show

more compression) then it can be deduced that this behavior did occur. That is, wandering

did not occur, but rather bending of the beam resulted in increased deflection as seen in

some of the strain channels.
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Figure 1-6. Strain vs. deflection for steady loading (4C0N7)
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Entire Strain Data Set Evaluation
The deflection of a beam at any horizontal and vertical coordinate of the beam, v(x,z),

can be related to strain, neglecting shear deformations, by considering the curvature (K). The

curvature (related to the deflection) is related to the longitudinal strain (E), the applied

moment (M) and flexural rigidity (El) by

E M dv 2K = = = [G - 1]
z El dx2

This is only valid for small bending deflections, which is generally correct for the tested

specimen. Clearly, increasing deflection relates to increasing curvature and hence changing

strain. If the deflection increases, compressive strains should become more negative and

tensile strains more positive. This behavior occurred as seen in Figure 1-6 and Figure 1-7.

Note that gauge 4C0N7 was on top at the midspan section and 4STL9 was on the main

reinforcing steel at midspan. These represent upper and lower bound strain channels. The

observed behavior indicates increasing deflection and hence strains during constant loading

times.
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Figure 1-7. Strain vs. deflection for steady loading (4STL9)

Observed Strain BehaviorofAll Channels
The above Figures 1-6 and 1-7 give clear evidence toward the likelihood that drifting of

strain channels under constant load was due to increasing deflection and not electrical noise.

The following Table 1-2 and plots to follow present all channels affected by this

phenomenon. All the following information is for the 50-kip steady load as suggested in

Figures 1-8 to 1-13. An attempt to sort out electrical and structural climbing is presented.
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Figure I-10. Selected tensile strain channels during 50-kip steady load (cont.)
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Figure 1-12. Compressive strain channels during 50-kip steady load

Figure 1-13. High compressive strain channels during 50-kip steady load
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Table 1-2. Summary of observed steady load climbing at 50-kips'

Strain
Channel

4GFRP1 Higher tension Yes

4GFRP2 Higher tension Yes

4C0N3 Higher compression I Yes

4GFRP4 Comp. to Tension

4C0N6 Higher compression 1 Yes

4C0N7 I Higher compression Yes

4STL8 Toward zero

Drifting in Suspect
AgreementDrifting Behavior of

with Wander?
Bending?
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Strain
Order Gauge out

(Most + to of order?
Most - )3

No 10 No

11 No

13 No

2 No

Yes

No

Yes

Yes

Yes

No

Unknown'

Yes

Yes

No

Channel 5 is intentionally omitted.
Wander would imply increased strain not resulting from load application. Drifting
was change in strain under apparent constant load.
Gauges are in order of relative expected strain from most tensile to most
compressive. This allows determining which gauges might possibly be wandering.
Channel 4C0N13 is likely to be directly affected by cracking.
This channel is near the load point and affected by St. Venant's Principle (local
stresses).

No No

Very 7 Yes pi

No 17 No

No 9 No

No 1 No

Yes 5 Yes [1 or 21

No 14 No

No 4 No

No 6 No
-

Very 8 Yes

4STL9 Higher tension

4STL1 0 Higher tension

4STL11 Higher tension

4C0N12 Higher compression

4C0N134 Steady

4CFRP14 Higher tension

4CFRP15 Toward zero

4GFRP16 Toward zero

4CFRP17 Higher tension

4GFRP18 Higher tension
_

4GFRP19 Toward zero



CONCLUSIONS

The presented data gives clear evidence that recorded strains that drifted under apparent

constant load application for the S&F beam are due to beam bending rather than electrical

wandering. Of the channels presented in Table 1-2, 83.3% are in agreement with this

conclusion. If the two channels very suspect of wandering are thrown out, only one of the

remaining channels is evidence to the contrary. This gauge 4CFRP15, however, should give

identical strain to the 4CFRP14 channel (but did not) as they are in redundant locations

(unless local debonding occurred) and is not considered reliable. The strain recorded in

4CFRP15 did not agree with other recorded strain data (e.g. strain in the primary tension

reinforcement).

Furthermore, there is a good separation (as visible from Figure 1-5) between the slight

changes due to bending versus extreme electrical wandering. Further evidence that recorded

strain data are a result of bending is the fact that slopes are different between channels, and

"high" strain channels show steep slopes (as anticipated).

In contrast, and the only substantial argument against this hypothesis, is that several of

these observed behaviors were observed in the "linear" region of loading and response. Two

possible explanations might exist: slight cracking causing permanent deformations and the

precision of the strain data equipment being on the order of the recorded strain.
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APPENDIX J: PROJECT IMAGES

Figure J1. Bridge location: Columbia River Gorge, near Portland, OR
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Figure J3. HCB at scenic falls

Figure J4. Scenic Horsetail Falls
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Figure J5. HCB covered during retrofit

Figure J6. Applying epoxy to cross beam



Figure J7. Bridge substructure

Figure J8. Applying CFRP to bridge

Figure J9. Additional CFRP layer

Figure J10. Epoxy resin impregnator
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Figure J12. CFRP termination at column

7741,
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Figure ill. Typical beam pour Figure J13. Replicated steel reinforcing

Figure J14. Typical formwork with steel



Figure J15. Strain gauge application

Figure J16. Fiber optic gauge placement

Figure J17. Epoxy application Figure J20. Epoxy application
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Figure J18. Mechanical surface abrasion

Figure J19. Saturation of CFRP w/ epoxy



Figure J21. GFRP application to beams

Figure J22. CFRP applied to test beam

Figure J23. In-situ epoxy mixing

Figure J24. Begin CFRP application

Figure J25. Top coat of epoxy

Figure J26. Complete CFRP
strengthening
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Figure J27. Testing of Control beam

Figure J28. Early Control beam cracking

Figure J29. Control beam strain gauges
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Figure J30. Shear failure of Control beam

Figure J31. Failure near strain gauges

Figure J32. Complete shear failure



Figure J33. Crack pattern around failure

Figure J34. Typical beam support point

Figure J35. Control beam load point

Figure J36. F-only beam testing
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Figure J37. Failure of F-only beam

Figure J38. Diagonal tension failure

Figure J39. CFRP transverse rupture

Figure J40. Failure similar to Control
beam

Figure J41. Fiber optic sensor
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Figure J42. Cracking at failure

Figure J43. F-only beam at failure

Figure J44. Load point at failure

Figure J45. Debonding of CFRP at
support
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Figure J46. Resistive gauges used in
comparison to fiber optic gauges

Figure J47. Overall view of S-only test

Figure J48. Loading of S-only beam

Figure J49. Failure of S-only
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Figure J50. Concrete crushing at midspan

Figure J51. S-only support point

Figure J52. S&F deflection under load
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Figure J53. Visible S&F beam deflections



Figure J54. S&F beam gauges

Figure J55. Maximum loading of S&F
beam

Figure J56. Increased moment for 2nd
S&F Beam Testing
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