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Discrete columns, such as stone and soil-cement columns, are often used to 

improve the liquefaction resistance of loose sandy ground. In particular, stone 

columns are considered to increase resistance potential by densification, drainage, and 

reinforcement mechanisms. For silty soil, the shear stress reduction resulting from the 

reinforcing effect of stiffer discrete columns is considered as a main contributing 

mechanism to increase liquefaction resistance. Although limited studies have been 

found in literature on shear reinforcement mechanism, the actual deformation patterns 

of discrete columns and the level of shear stress reduction in soil has not been 

clarified yet. This study aims to investigate the reinforcing mechanism of discrete 

columns through numerical simulations and physical model tests focusing on (1) 

obtaining a better understanding on shear stress and strain distributions between 

discrete columns and surrounding soil, (2) quantifying the level of shear stress 



 

 

 

  

 

 

 

reduction in improved ground, and (3) investigating the effects of discrete columns 

for liquefaction-induced lateral displacement and settlement  

In this study, a series of linear-elastic and nonlinear three dimensional (3-D) 

Finite Element (FE) simulations for unimproved and improved soil profiles were 

performed covering a wide range of geometries, and ratios of shear moduli for the 

discrete columns and unimproved soil, and dynamic loadings. It is found that discrete 

columns and surrounding soil do not behave compatibly in shear (i.e., shear strain 

incompatibility). The results showed that shear stress reductions are far less than 

predicted by the assumption of shear strain compatibility. Based on numerical 

analyses, a new simplified design method was proposed, which better quantifies the 

level of shear stress reduction improved soil. It is found that for the range of 

parameters used in this study, shear stress reduction using stone columns in improved 

soil may not sufficient to prevent liquefaction triggering by shear reinforcement 

mechanism. Thus, it is recommended that shear reinforcement mechanism of stone 

columns should be considered as secondary rather than primary mechanism for 

ground improvement in silty soil. Though stone columns may not help to prevent 

liquefaction triggering in improved soil, they are found to be effective in reducing 

post-liquefaction lateral displacement. 

Dynamic centrifuge tests of two unimproved and two improved models were 

performed at NEES@UC-Davis, California. In first improved soil model case, the 

soil-cement columns were resting on top of a dense sand layer simulating free end 

boundary conditions for soil-cement (floating-type), while in second improved soil 

model the soil-cement columns were socketed into a cemented sand layer (fixed-type) 



 

 

 

  

simulating fixed-base conditions. The results of these centrifuge tests and associated 

analyses showed that, the soil-cement columns were relatively ineffective in 

stiffening the soil profile, reducing the cyclic stress ratios induced on the surrounding 

soils, or reducing the potential for liquefaction triggering. The soil-cement columns 

with fixed-base conditions were slightly more effective than the columns with a 

floating-type base condition, but they also did not significantly delay the onset of 

liquefaction during strong shaking. Analyses based on the assumption of shear strain 

compatibility, greatly over-estimated the shear reinforcing effects of the soil-cement 

columns. The soil-cement columns did, however, provide a means for supporting 

overlying structures even after liquefaction triggering occurred in the improved soil. 
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CHAPTER 1
 

INTRODUCTION 


1.1. BACKGROUND 

Liquefaction is a phenomenon in which the strength and stiffness of saturated, loose 

cohesionless soils are reduced as a result of the generation of pore water pressure. 

Under undrained cyclic loading of loose saturated sand, normal stresses from the soil 

matrix are transferred to the pore water, which generates excess pore water pressures. 

Liquefaction occurs when the amount of the generated excess pore water pressures is 

equal to the amount of the initial vertical effective stresses of the soil. Liquefied soil 

behaves as viscous fluid with little resistance against deformation. 

Liquefaction induced deformations (e.g., lateral spreading) have been a major 

earthquake hazards that damages buildings, bridge, port facilities, and critical lifeline 

infrastructures. This pervasive nature of liquefaction hazards have been observed in 

past earthquake events e.g., 2010 Port-au-Prince (Haiti), 2011 Christchurch (New 

Zealand), and 2011 Tohoku (Japan) [Geotechnical Extreme Events Reconnaissance 

(GEER) 2010, 2011a, 2011b] 

Depending on in-situ soil properties different methods for ground 

improvements can be utilized to minimize or eliminate liquefaction hazards. 

Liquefaction of in-situ soils can be reduced by densification (e.g., using stone 

columns, deep dynamic compaction, vibro-compaction, compaction piles), providing 

shorter drainage paths for faster excess pore water pressure dissipation (e.g., using 

gravel drains, stone columns), reinforcing the soil to reduce the seismically induced 
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stresses (e.g., using stone columns, cement soil mixing, jet grouting), removing and 

replacing the liquefiable deposits with competent soil (Mitchell 2008).  

Installation of discrete columns (i.e., stone columns or soil-cement columns), 

is a popular ground improvement technique used for reducing liquefaction potential 

in loose, saturated, cohesionless soil. The effectiveness of discrete columns in 

mitigating liquefaction has been investigated with earthquakes case histories (e.g., 

Priebe 1991; Mitchell and Wentz 1991; Saxena and Hussin 1997; Martin et al. 2003), 

field test and full scale experiments (e.g., Ashford et al. 2000; Rollins et al. 2009), 

centrifuge modeling (e.g., Adalier et al. 2003), analytical studies (e.g., Shenthan et al. 

2003), and numerical simulations (Elgamal et al. 2009, Asgari et al. 2013). 

In terms of working principles, stone columns are considered to mitigate 

liquefaction by densification, drainage, and reinforcement mechanisms (Baez 1995; 

Ashford et al. 2000; Adalier et al. 2003; Shenthan et al. 2003). The densification and 

drainage mechanisms are effective in clean sand (and sand with low fine contents), in 

which densification during stone column installation and dissipation of excess pore 

pressure during earthquakes can be easily achieved. For silts, densification and 

drainage mechanisms does not work due to particle’s smaller sizes and low hydraulic 

conductivity In such case, shear reinforcement mechanism is considered to be 

effective, by reducing seismic shear stress in the improved soil (Baez 1995).  

Often in practice the shear stress reduction in improved soil is estimated 

assuming shear strain compatibility between stone columns and surrounding soils, a 

concept originally proposed by Baez (1995). It is assumed that the column and 

surrounding soil deforms compatibly such that stiffer column attract higher seismic 
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shear stresses thereby reducing shear stresses in the surrounding soil. Based on 

theoretical framework (e.g., Goughnour and Pestana 1998) and numerical simulations 

(e.g., Green et al. 2008, Olgun and Martin 2008, Rayamajhi et. al. 2012) researchers 

suggest that discrete columns not only deform in shear but also in flexure such that 

the benefits from shear reinforcement mechanism are significantly diminished. 

Unfortunately, the actual deformation patterns of discrete columns and the level of 

shear stress reduction in soil by using stiff columns have not been quantified yet. 

Moreover, effects of different design variables (e.g., treatment area, soil properties, 

superstructure loads etc.) on the stone columns and soil deformations, and reduction 

in shear stress in surrounding soil have not been fully explored. This study is focused 

to address these topics. 

1.2. SCOPE OF RESEARCH 

The main objectives of this research are: (1) obtaining a better understanding on shear 

stress and strain distributions between discrete columns and surrounding soil, (2) 

develop a simplified method which can be used to estimate the level of shear stress 

reduction in improved ground, and (3) investigating the effects of discrete columns 

for liquefaction-induced lateral displacement and settlement To achieve these 

objectives, both numerical and physical model tests were performed for discrete 

columns in liquefiable soil. The numerical simulations were performed using 

OpenSees Finite Element framework (McKenna et al. 2010), for stone columns in 

liquefiable soil. The centrifuge model tests were performed at NEES@UC-Davis, 

California, for soil-cement columns in liquefiable sand. 
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In this study, a series of linear-elastic three dimensional (3-D) Finite Element 

(FE) simulations for unimproved and improved dry soil profiles were performed 

covering a wide range of geometries, and ratios of shear moduli for the discrete 

columns and unimproved soil. Parametric studies were carried out to get more insight 

in shear stress and strain distributions under pseudo-static and dynamic motions. The 

results were compared with Baez (1995) method, which showed that the shear strain 

compatibility assumption leads to over estimation for shear stress reduction in 

improved soil. Based on numerical analyses results, a new simplified design 

procedure was proposed, which provide a baseline against which nonlinear modeling 

results were compared. 

The complexity of FE simulations were increased by using nonlinear 3-D 

models for unimproved and improved soil profiles covering a wide range of improved 

geometries and ratios of shear moduli for the stone columns. In to get more insight in 

shear reinforcement mechanism of stone columns, dry and saturated model cases 

were developed. Parametric studies were performed for both cases and results were 

compared with previously proposed simplified design method (based on linear-elastic 

modeling) and Baez (1995) method. Furthermore, a series of parametric studies were 

performed to investigate the benefits of stone columns in reducing liquefaction-

induced lateral displacement. Incremental Dynamic Analysis (IDA) (Vamvatsikos 

and Cornell 2001) were performed covering a wide range of parameters (e.g., area 

replacement ratio, shear modulus ratio, soil profile depth, liquefiable soils SPT 

values, diameter of columns, hydraulic conductivity, etc.) for both unimproved and 
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improved soil. The results were used to identify the major factors contributing for 

reducing the lateral displacement in liquefiable soil.  

Dynamic centrifuge tests for unimproved and improved soils with soil-cement 

columns were performed. Though centrifuge modeling was conducted for cemented-

columns, the underlined mechanism investigated is the shear reinforcement 

mechanism, which is common for these two types of discrete columns. The centrifuge 

model tests results aided to independently verify the FE results. Furthermore, the 

centrifuge tests results provides vital information about the effects of discrete 

columns in excess pore water pressure generation under dynamic loading and the 

extent of post-liquefaction deformations in improved soil.  

1.3. ORGANIZATION OF DISSERTATION 

This dissertation is comprised of 6 chapters and 6 appendices. Chapters 2 to 5 are 

manuscripts that have been published or have been submitted for publication. The 

abstract, acknowledgement, and reference sections from all manuscripts are omitted 

in all chapters. The following is the summary of the organization of this dissertation: 

•	 Chapter 2 is based on manuscript entitled “Numerical study of shear stress 

distribution for discrete columns in liquefiable soils”, which is accepted in 

Journal of Geotechnical and Geoenvironmental Engineering. This manuscript 

describes the 3-D FE model used in linear dynamic analyses for unimproved 

and improved soil. The framework for FE results interpretation is explained. 

This paper shows shear stress and shear strains distributions between discrete 

columns and surrounding soil for a wide range of area replacement ratios and 

shear modulus ratios for discrete columns. Results are presented for static 
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loading, harmonic sine wave shaking, and earthquake shaking Potential for 

tensile stress development in discrete columns (especially for soil-cement 

columns) under dynamic shaking are also provided. Finally, a design 

relationship is proposed to estimate the level of shear stress reduction in 

improved soil with discrete columns. 

•	 Chapter 3 is based on a manuscript entitled “Stone columns in liquefiable 

soils: shear reinforcement and cyclic stress ratio reductions”, which is 

prepared to be submitted in Journal of Geotechnical and Geoenvironmental 

Engineering. This manuscript is an extension of the previous manuscript 

(chapter 2) and investigates the reinforcing mechanisms of stone columns in 

liquefiable using nonlinear analyses. This paper presents the descriptions of 3

D FE model of a unit cell, calibration for soil materials, earthquake ground 

motions, and dry and saturated model cases. The typical responses for 

unimproved and improved soil profiles are provided for an earthquake ground 

motion. The results from IDA for different shear moduli ratios for stone 

columns are presented in term of (shear stress and strain distributions. Then 

the paper shows comparisons of parametric study [for area replacement ratio, 

shear moduli ratios, superstructure load, and liquefiable soil (N1)60] results 

with methods proposed in chapter 2 and Baez (1995). Finally, the paper 

presents major findings and recommendations for practice. 

•	 Chapter 4 is based on a manuscript entitled “Stone columns in liquefiable 

soils: post-liquefaction triggering responses”, which is prepared to be 

submitted in Journal of Geotechnical and Geoenvironmental Engineering. 
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This manuscript is a companion to manuscript presented in chapter 3. This 

paper presents the shear reinforcing effects of stone columns for limiting 

lateral displacement in improved soil. The typical responses for unimproved 

and improved soil with stone columns in slopping ground conditions are 

presented. Then the paper presents results from IDA with parametric studies 

conducted for a range of area replacement ratio, shear modulus ratio, 

liquefiable soil (N1)60, liquefiable soil depth, diameter of stone columns, 

vertical stress, slopping ground, hydraulic conductivity of soil and stone 

columns, and spatial variations of (N1)60. Finally, this chapter presents 

conclusions and implication for stone columns design. 

•	 Chapter 5 is based on a manuscript entitled “Dynamic centrifuge tests to 

evaluate reinforcing mechanisms of soil-cement columns in liquefiable sand, 

which is prepared to be submitted in Journal of Geotechnical and 

Geoenvironmental Engineering. This paper describes the centrifuge testing 

programs for two unimproved soil profiles and two improved soil profiles 

along with instrumentation layout. Recorded responses from the tests are 

discussed, focusing on the reinforcing effects of the soil-cement columns as 

reflected in the acceleration, pore pressure generation and settlement 

responses of the soils. The soil profiles' effective natural frequencies and 

stress-strain responses are derived from processing of the recorded dynamic 

responses and the deduced reinforcing effects discussed. Finally, the findings 

and implications for practice using cement-soil columns for treating 

liquefiable soils are summarized.  
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•	 Chapter 6 includes summary, conclusions and recommendations for future 

research. 

•	 Appendix A provides the supplemental data for Chapter 3. 

•	 Appendix B provides the supplemental data for Chapter 4. 

•	 Appendix C provides the supplemental data for Chapter 5. 

•	 Appendix D describes the soil constitutive model and soil models calibration. 
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2.1. INTRODUCTION 

Liquefaction is one of the major earthquake hazards that damages buildings and 

infrastructure as reported in past earthquake events around the world. The risk of 

liquefaction and liquefaction-induced deformation can be mitigated by employing 

various ground improvement techniques. Installation of stiff columnar reinforcement 

such as stone or soil-cement columns, is one of the ground improvement techniques 

used for the reduction of liquefaction potential in a loose saturated cohesionless soil 

(Mitchell 2008). The effectiveness of discrete columns (stone columns or cement 

columns) in mitigating liquefaction are reported in earthquakes case histories and 

limited centrifuge tests (e.g., Mitchell and Wentz 1991; Adalier et al. 2003; Martin et 

al. 2003). 

Stone columns are considered to improve the liquefaction triggering resistance 

of soil through three mechanisms (e.g., Baez 1995; Ashford et al. 2000; Adalier et al. 

2003; Shenthan et al. 2004). First, for soils with low fines content the vibratory nature 

of the installation process densifies the surrounding soil, and the dense soil has less 

potential for liquefaction. Second, the open-graded crushed rock used in the stone 

column can provide a highly permeable drainage path, thereby reducing the buildup 

of excess pore water pressure in surrounding soil. Third, stone columns provide shear 

reinforcement and decrease the shear stress in the existing soil through a shear 

distribution mechanism (Baez 1995). In the US, the third mechanism is considered to 

be more effective for silty sand and non-plastic silt in which densification and 

drainage are difficult to achieve (Baez 1995), and is based on the assumption that stiff 

columns deform compatibly in shear with the surrounding soil. The implication of 
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this assumption is that the stone column, being stiffer than the existing soil, would 

attract higher seismic shear stresses than the existing soil, thus improving liquefaction 

triggering resistance. In addition, the presence of stone columns can be expected to 

reduce the consequences of liquefaction, should it still be triggered in the treated 

soils, by: (1) having densified the surrounding soils such that they are likely to 

develop smaller seismic shear strains and smaller post-liquefaction reconsolidation 

strains, (2) providing rapid drainage of excess pore pressures so the liquefied soils 

regain their strength more quickly, and (3) acting as a reinforcement that increases the 

composite shear strength and foundation load carrying capacity of the treated soils.  

Current design practice for stone columns often includes an allowance for the 

reduction in seismic shear stresses following the work of Baez (1995) which assumes 

shear strain compatibility in computing a shear stress reduction factor KG (i.e., ratio 

computed as shear stress in soil after improvement over shear stress in soil before 

improvement) as, 

τ s 1
KG = = (2.1)

τ  1 
G Ar + 1r  G 

( − Ar )
 r 

where Ar = the area replacement ratio (Ar = Asc/A), Gr = shear modulus ratio (Gr = 

Gsc/Gs), τs = shear stress in soil between the stone column, τ = average shear stress of 

soil and stone column composite system, Asc = area of stone column, A = total plan 

area (sum of area of soil and stone column), Gsc = shear modulus of stone column, 

and Gs = shear modulus of soil. Baez and Martin (1993) reported Gr values between 2 

and 7 for stone columns, whereas larger values can be expected for soil-cement 

columns. The assumption of shear strain compatible deformation of discrete columns 
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and surrounding soil always leads to a reduction in the computed dynamic shear 

stress in the surrounding soil for all combinations of Ar > 0 and Gr > 1. 

Other investigators have concluded that discrete columns may deform in both 

flexure and shear such that they are less effective in reducing shear stresses than the 

assumption of shear strain compatibility implies. This conclusion was reached by 

Goughnour and Pestana (1998) based on simplified analytical approach and by Green 

et al. (2008), Olgun and Martin (2008), and Rayamajhi et al. (2012) based on two 

(2D) or three dimensional (3D) analyses of single columns. It is also supported by 

results of Bouckovalas et al. (2006) and Papadimitriou et al. (2006) based on their 

comparisons of one-dimensional (1D), 2D, and 3D analyses. The results of these 

various analyses suggest that flexure response may dominate near the ground surface 

while shear response may dominate at deeper depths. However, the various factors 

affecting dual deformation (flexure and shear) and the level of shear stress reduction 

in the surrounding soil have not been fully explored. 

This paper presents a numerical study of the shear stress reduction benefits of 

discrete columns in liquefiable soils and a comparison of the results against the 

common design assumption of shear strain compatibility. In this paper, the seismic 

behavior of discrete columns and their effects on the shear stress and shear strain 

distribution in the surrounding soils are investigated using three-dimensional (3D) 

linear-elastic finite element (FE) models of a unit cell, representing a discrete column 

in the treatment area. Parametric analyses are performed for a wide range of 

geometries, ratios of shear moduli for the columns and treated soil, material damping 

ratios, and dynamic loadings (pseudo-static, harmonic, and earthquake motions). The 
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results of these linear elastic analyses provide a baseline against which future 

nonlinear modeling results can be compared, but they are also sufficient for 

demonstrating that shear stress reductions are far less than predicted assuming shear 

strain compatibility. The beneficial effects of densification and drainage associated 

with stone columns are not addressed in these analyses. In the following sections, the 

numerical modeling procedure is described along with the description of the 

investigated geometries, properties, and loadings. Results are then presented for stress 

and strain distributions in the soil and columns across the range of conditions 

considered. The results of the simulations are compared with the shear strain 

compatibility design relationship by Baez (1995) and implications for design practice 

are discussed. 

2.2. FE MODELING AND BASELINE ANALYSIS MODEL 

All the analyses were carried out using OpenSees, an open-source computational 

platform. This software has the capability to perform both structural and geotechnical 

engineering related numerical analyses for static and dynamic loading (Mazzoni et al. 

2009). The 3D FE modeling of the soil and reinforced column was carried out by 

using the 8 node “brickUP” element available in OpenSees. This 8 node brick 

element is based on the solid-fluid formulation for saturated soil implemented in 

OpenSees. Each node in this brick element corresponds to 3 degree-of-freedom for 

the space and 1 degree-of-freedom for the fluid pressure interaction. More 

information about this element can be found in Mazzoni et al. (2009). All the 

materials were modeled as linear elastic with the shear modulus varying in proportion 

to the square root of mean confining stress (which is proportional to depth). In order 
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to create an FE model for the numerical simulation, OpenSeesPL was used as a pre

processor. OpenSeesPL has several capabilities for conducting a large variety of 3D 

FE simulations based on the OpenSees computational platform (Lu 2006; Elgamal et 

al., 2009). 

Typically discrete columns are constructed in a grid pattern (e.g., triangular, 

square) to improve the loose ground and covering the whole building footprint as 

shown in Figure 2.1. The soil profile used for this study is the same as the soil profile 

used in Rayamajhi et al. (2012) as shown in Figure 2.2(a). The profile corresponds to 

a 9-m-thick liquefiable sand layer underlain by a 2-m-thick dense sand layer and 

overlain by a 1-m-thick dense compacted sand layer. A discrete column extends 

through the full thickness of the liquefiable layer [Figure 2.2(b)]. The liquefiable 

layer was assigned a shear wave velocity (Vs) of 150 m/s at a reference mean stress of 

101 kPa whereas the overlying and underlying dense sand were assigned 300 m/s 

(i.e., about 4 times stiffer than the liquefiable layer). The shear wave velocities then 

varied with the fourth root of depth, given that the shear moduli varied with the 

square root of depth in these models. The stiffness of the discrete columns was then 

varied to give Gr of 2, 5, 10, 15, and 25 (with moduli being compared at the same 

mean confining stresses). For the baseline analyses in this study, the diameter (D) of 

the stone column was fixed at 1 m and the length (L) was fixed at 9 m, giving an L/D 

ratio of 9. The effect of varying D, resulting in different L/D ratios, is examined in a 

later section. Different values of Ar were achieved by changing the spacing between 

discrete columns. 
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A “unit cell” (i.e., representative area of improved soil) was used for modeling 

of soil and discrete columns (Figure 2.1). A typical FE modeling of the soil and 

discrete columns is shown in Figure 2.2(b) and Figure 2.2(c) for the case of Ar = 20% 

and Gr = 10. The unit cell approach uses periodic boundary conditions, which depend 

on the selected loading conditions (e.g., self-weight stress, 1D shaking, or 2D 

shaking). The following boundary conditions were assumed for these uni-directional 

shaking analyses: (1) the displacement degree of freedom of left and right boundary 

nodes were set equal in all directions (i.e., horizontally and vertically) using the 

penalty method (e.g., Elgamal et al. 2009; Law and Lam 2001; Olgun and Martin 

2008), (2) the inner and outer boundaries were fixed against out-of-plane 

displacement but free longitudinally and vertically, (3) the model base was fixed, (4) 

the input ground motions were imposed on the base in the x-direction, and (5) the soil 

surface was modeled as stress free with zero prescribed pore pressure condition. It is 

noted that the fixed base boundary condition is equivalent to assuming that the soil 

profile is underlain by material with a far greater shear wave velocity (i.e., a large 

impedance contrast between the soil and underlying half-space). The inclusion of a 

compliant base boundary condition to account for smaller impedance contrasts would 

affect the dynamic response of the soil profile, with the differences being greatest for 

frequencies close to the natural frequencies of the soil profile. The shear stress 

distributions between the columns and soil are later shown to be insensitive to a broad 

range of ground motion frequencies, such that the choice of fixed base versus 

compliant base boundary condition is not expected to affect the primary findings of 

this study. The analyses were carried out for improved (i.e., with discrete columns) 
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and unimproved (i.e., without discrete columns) cases. In all analyses, 2% of Raleigh 

damping was used for both improved and unimproved cases. The ratio of improved 

and unimproved responses was negligibly affected by changing damping from 2 to 

10%. 

Numerical simulations were carried out for linear elastic soil conditions 

without any pore fluid within the model. The linear-elastic idealization simplifies the 

problem significantly, but nonetheless allows initial insights to be gained from 

parametric analyses across a range of parameters and motions, as well as direct 

comparison with Baez (1995) results. The results of these linear elastic analyses will 

also provide a basis against which future nonlinear analyses can be compared. 

2.3. FE RESULTS INTERPRETATION FRAMEWORK 

2.3.1. Shear stress distribution 

The FE analysis results were interpreted based on the Seed and Idriss (1971) 

simplified procedure, which is commonly used to estimate the cyclic stress ratio 

(CSR) in liquefaction triggering evaluations of level ground sites. The effect of the 

discrete columns on liquefiable soil was investigated by calculating the ratio of CSR 

for the improved site over the CSR for the unimproved site. The CSR for the 

unimproved case (CSRU) and improved case (CSRI) are expressed using the Seed and 

Idriss (1971) simplified procedure as shown in Equations 2.2 and 2.3.  

τ , amax,   σ v s U   UCSRU = = 0.65   r , (2.2) d U  σ ' v  g σ ' v 

τ s I,  amax,  I  σ v 


CSR I = = 0.65   rd  I  , (2.3)
σ ' v  g σ ' v 
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where τs,U and τs,I = the average cyclic shear stress for unimproved and improved 

cases, respectively, σ'v = effective vertical stress at the depth of interest, σv = total 

vertical stress at the depth of interest, amax,U and amax,I = peak horizontal acceleration 

at the ground surface for unimproved and improved cases, respectively, g = 

gravitational acceleration, and rd,U and rd,I = shear stress reduction coefficient for 

unimproved and improved cases, respectively. 

The results of a dynamic analysis provide values for τs,U, τs,I, amax,I, and amax,U 

from which the depth-dependent values of rd,U and rd,I for unimproved and improved 

cases, respectively are computed. The amax,I is estimated by an area-weighted average 

surface acceleration because amax,I varies slightly with spatial position at ground 

surface. The ratio of CSRI over CSRU is called “CSR reduction factor”, and it is 

related to the ratio of maximum surface accelerations and depth reduction factors as 

shown in Equation 2.4. 

CSR (a rd )RCSR = I = max I = Ra max Rrd (2.4)
CSR U (a r )max d U 

where Ramax = ratio of peak surface accelerations for improved and unimproved cases, 

and Rrd = ratio of shear stress reduction coefficient for improved and unimproved 

cases. It should be noted that Equation 2.2 for rd,U is a function of depth only, 

whereas the Equations 2.3 and 2.4 are a function of depth and horizontal position.  

Equation 2.4 can be used to separate the two primary effects of the discrete 

column: (1) its effect on the site's dynamic response and hence peak surface 

acceleration, and (2) its effects on the reduction in seismic shear stresses with depth 
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and horizontal location. Equation 2.4 is identical to Equation 2.1 if Ramax = 1; i.e., the 

effect of dynamic response was not included in Equation 2.1.  

2.3.2. Shear strain distribution 

For the improved case, the ratio of shear strains in the discrete columns relative to the 

surrounding soil is termed the shear strain ratio (γr). The γr also varies spatially as a 

function of both depth and horizontal position. Within the discrete columns the shear 

strain is computed by weighted average with plan surface area, such that the column 

shear stress varies with depth. If the discrete column purely behaves as a shear beam, 

then γr =1 indicating shear strain compatible deformation, as assumed by Baez (1995). 

2.3.3. Tensile stress development 

In addition to shear stress and strain distribution, development of tensile stresses was 

also investigated for discrete columns. Tensile stress in discrete soil-cement columns 

may lead to potential cracks and subsequently reduce their ability to reduce shear 

stresses in the surrounding soils. Therefore, it is important to determine the extent of 

tensile stress development under dynamic loading. 

Tensile stress development in a discrete column under dynamic loading was 

described using a normalized tensile stress increment ratio, Tr (Equation 2.5). The 

essential parameters contributing to tensile stresses in the column are the tensile stress 

at the time of consolidation and the dynamic tensile stress increments induced under 

dynamic loading. Since tensile stresses can be produced in any direction, the 

maximum (principal) tensile stress increment were determined in both consolidation 

and dynamic loading. The difference in principal tensile stress is used to quantify the 
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development to net tensile stress in discrete column. The maximum tensile stress 

increment induced in the discrete columns is normalized by the ground surface 

acceleration (amax,I) and overburden stress (σv) to arrive at the Tr as 

σ(σ max, dyn − max, consol )
Tr = (2.5)

amax, I ⋅σ vg 

where σmax,dyn and σmax,consol are principal tensile stress developed under dynamic and 

gravity loading (or consolidation stress), respectively. Note that Tr generally 

decreases with depth as σv increase with depth, and tensile stresses may occur in the 

discrete columns whenever Tr  (amax,I/g) > 1.0. The Tr is of interest for soil-cement 

discrete columns, and thus is expressed relative to total stresses rather than effective 

confining stresses. 

2.4. SIMULATION RESULTS 

Detailed results are presented for a baseline model with Ar = 20% and Gr = 10 

subjected to different types of loading. These results are sufficient to explain the 

general patterns of shear stress/strain distributions, after which the results for 

parametric analyses are described. 

2.4.1. Pseudo-static motion input results 

For the pseudo-static analysis, a constant horizontal acceleration of 0.2 g was applied 

such that the Ramax factor was unity and the distribution of shear stresses and strain 

between discrete columns and surrounding soil can be investigated without any site 

response effects. In Figure 2.3, the profile of Rrd and γr at four selected locations are 

presented, while the contours plots of Rrd and γr at the horizontal section A-A (5 m 
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depth) are presented in Figure 2.4. The profile plot of Rrd at four selected location sets 

(each set has same the X and Y co-ordinates, and different Z values) shows uniform 

distribution along the depth for each point, but with significant differences between 

the different points (e.g., Rrd is about 1.3 at point 1 and about 0.76 at point 2). The 

area weighted average Rrd is about 0.87 throughout the depth. The profile plots of γr 

are also uniform up to the depth of 7-m but tend to increase below 7-m depth. The 

value of γr between the different points is opposite to that of Rrd as expected; i.e., 

point 1 has the smallest γr and the greatest Rrd. 

The strong spatial variation of Rrd and γr can be seen by the contours in Figure 

2.4. The discrete column attracts higher shear stress than the surrounding soil (not 

shown here), which is expected because the discrete column is stiffer than soil; 

however, the shear stress distribution in the discrete column is not proportional to the 

Gr between discrete column and soil (Figure 2.4). The discrete column is effective in 

reducing the shear stress in the soil region away from the discrete column normal to 

the direction of loading. The soil near the discrete column in the direction of loading 

is, however, stressed higher than in the unimproved case (i.e., Rrd locally greater than 

unity in Figure 2.4). This pattern of stresses is a consequence of the deformation 

pattern that develops between the softer soil materials and the stiffer discrete column.  

For the improved case, the soil near the discrete column and along the 

direction of loading experiences less shear strain than soil away from discrete column 

and normal to direction of loading. The γr values tend to increase in the region away 

(i.e. along normal direction of loading) from discrete column. In this particular 

baseline model (Ar = 20%, Gr = 10), the γr values are about 0.10 to 0.70 and generally 
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increase with depth (Figure 2.4). The trend and values of average γr with depth are 

very consistent with the values obtained by Olgun and Martin (2008) for a similar γr. 

The incompatibility in shear deformation is attributed to the development of 

flexural deformation as reported in Rayamajhi et al. (2012) and other researchers 

(Goughnour and Pestana 1998; Green et al., 2008; Olgun and Martin, 2008). 

Comparing the Rrd with the Baez (1995) method (Figure 2.3), the average Rrd 

estimated from FE analysis is much larger (closer to unity) than the value used in 

current design practice. Similar trends are obtained for  Rrd and γr for other sets of 

analyses with different Ar and Gr combinations. 

2.4.2. Harmonic motions input results 

The effect of dynamic site response on the shear stress and strain distribution was first 

analyzed using harmonic input motions of 2, 4, 5, 10, 15, and 20 Hz with amplitude 

of 0.2 g. The first mode natural frequency of all models falls between 3.5-5 Hz. The 

maximum frequency of up to 20 Hz is sufficient to capture most of the dominant 

vibration frequencies of the FE models and the range of earthquake frequencies of 

interest.  

Plots of area-weighted average Rrd, RCSR, and γr versus depth are shown in 

Figure 2.5 for different input motion frequencies for the baseline model (Ar = 20% 

and Gr = 10). The plot of Ramax versus input frequencies is shown in Figure 2.5 (d). 

The following observations can be made from these results. 

1.	 The shear stress and strain distribution between discrete column and soil strongly 

depends upon the frequency of input motion. At lower frequency (below 5 Hz), 

the distribution of Rrd and γr is quite uniform along the depth. The average values 
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of Rrd are always less than unity and average γr is about 0.2. Moreover, the plots 

are similar to pseudo-static results when the input frequency is less than 5 Hz. 

This is attributed to the wave length being longer than 30 m for input frequencies 

below 5 Hz and thus being large compared to the model depth (12 m) such that 

the dynamic loading is essentially very similar to a pseudo-static loading. 

However, at higher frequency, the Rrd and γr varied quite significantly along the 

depth. 

2.	 Effect of site response can be clearly observed with Ramax being greatest at the 

frequency closest to the natural frequency (5 Hz) of the site. Due to this, the RCSR 

jumped to greater values for the 5 Hz frequency input motion [Figure 2.5 (d)].  

3.	 Rrd, γr, and RCSR vary significantly along the depth when the input frequency is 

greater than about 5 Hz. At frequencies greater than 5 Hz, the stress and strain 

distribution develops local variations (due to excitation of higher modes of the 

model) within the discrete column [Figure 2.5(a), Figure 2.5 (b), Figure 2.5 (c)], 

which may dominate the overall shear stress and strain distribution. 

The profile plot of Tr versus depth for the different input motion frequencies is 

shown in Figure 2.6(a). As expected, the values of Tr decrease with depth as the 

overburden stress increases. At the depth of 9-m, the Tr is increased due to stress 

concentrations from abrupt change in material properties (i.e., discrete column 

stiffness to dense sand stiffness). At any depth the Tr values increase as the Gr get 

larger for the same level of Ar for all input frequency motion [e.g., Figure 2.6(b) for 

2Hz input motion]. One reason for this behavior is that with higher stiffness, discrete 

columns attract higher demand as compared to surrounding soil and thus, Tr gets 
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higher for same level of Ar. The Tr values increase as the Ar decreases for the same Gr 

[e.g., Figure 2.6(b) for 2Hz input motion]. This is also attributed to the individual 

columns attracting more loads when they are more widely spaced. As the input 

motion frequencies increases, Tr values becomes lower suggesting higher value of 

acceleration is required to develop tension in the discrete column. For the baseline 

model, depending upon the input motion frequency, an amax,I value 0.06 g to 0.44 g is 

required to develop tension at 1-m depth.  

2.4.3. Earthquakes ground motion input results 

The response to earthquake ground motions was evaluated using 10 motions selected 

from the PEER database using the procedure by Jayaram et al. (2011). Motions were 

obtained for an earthquake magnitude Mw = 7 and distance R = 10 km for “rock site” 

conditions, and were not modified by the authors. The pseudo-acceleration response 

spectra along with the mean spectra from all 10 motions are shown in Figure 2.7. 

These selected motions cover a spectrum of frequency contents of interest, with peak 

ground accelerations ranging from 0.12g to 0.91g. 

The profile plots of Rrd, RCSR, and γr versus depth for Ar = 20% and Gr = 10 

are shown in Figure 2.8. The distributions of Rrd and RCSR along the depth vary quite 

significantly with different earthquakes input motion. The ground surface acceleration 

amplification or de-amplification varies with Ramax of 0.60-1.50. For this particular Ar 

and Gr, Rrd varied from 0. 50 to 1.10 while RCSR varied from 0.56 to 1.31. However, 

on average, both Rrd and RCSR is less than unity. Similar to the pseudo-static results, 

generally both Rrd and RCSR increase slightly with depth up to 7 m and then tend to 

decrease at depths greater than 7-m due to the stress concentration that develops near 

http:0.60-1.50
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the interface with the lower dense sand layer. The distribution of γr along depth is 

quite consistent for all set of ground motions. In general, the values of γr increase 

slightly along the depth and then increase more sharply below 7-m depth, again due 

to the stress concentration that develops near the lower dense sand layer. From the 

analyses, it was found that the average values Rrd and RCSR decrease slightly as the Ar 

increases, while the average values of γr remains almost constant with Ar. It was also 

found that γr changes quite significantly with Gr but not with Ar (shown later). On the 

other hand, Ramax varies significantly with Gr and Ar because they both affect the 

improved site’s natural frequency; the magnitude of the effect on Ramax depends on the 

input frequency relative to the site’s natural frequency, such that their inter

relationships are fairly complex. 

The average Rrd estimated from the FE analysis is larger than the value 

computed using the assumption of shear strain compatibility (Equation 2.1). 

Comparing with the current design values, the average shear stress reduction ratio 

from FE analyses are between about 0.8 and 1.0 whereas Equation 2.1 gives Rrd 

values of 0.53 to 0.27 at Ar = 10 to 30% with Gr = 10. The FE analyses also show that 

the presence of the discrete columns can cause shear stresses to increase due to site 

response effects (Ramax > 1) [Figure 2.8(b)]. Based on these results, it seems that 

discrete columns with L/D ratios of about 9 may not significantly reduce the shear 

stress in surrounding soil as thought to be in current design practice. 

The average normalized Tr obtained from these 10 ground motions are plotted 

against depth for Ar = 20% and shown in Figure 2.9(a), while the average Tr for 

different Ar and Gr = 10 are shown in Figure 2.9(b). The trend of Tr with depth 
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generally follows the trend obtained from harmonic input motions. The increasing Ar 

causes the average Tr to decrease while increasing Gr causes the Tr to increase. For 

the baseline case (Ar = 20%, Gr = 10), the Tr = 7 at 1-m depth and Tr = 1.5 at 4-m 

depth indicate that at amax,I values of 0.14 g and 0.66 g are required to develop tensile 

stresses in the discrete column at 1-m and 4-m depth, respectively. Furthermore, amax,I 

values greater than 0.66 g are required to develop tensile stress at depths greater than 

4-m. 

The level of ground shaking required to develop tensile stress in the discrete 

column at 1-m and 4-m depth for different combination of Ar and Gr and subjected to 

this set of ground motions is shown in Figure 2.10. The minimum ground surface amax 

to cause tension increased with Ar for the sets of analyses carried out. Furthermore, 

increases in Gr significantly reduces the minimum amax,I required to cause tension at 

1-m and 4-m depth (Figure 2.10). Based on these results, tensile stresses are most 

likely to develop at shallow depths in widely spaced (small Ar), high stiffness (large 

Gr) columns. Though the relationships in Figure 2.10 provide a basis for estimating 

development of tensile stress in discrete columns at different level of shaking, more 

advanced nonlinear models are required to investigate effects of such tensile stress on 

shear stress distribution capability of discrete columns. 

2.4.4. Varying column diameter 

The effect of varying the discrete column diameter to 0.3 m, 0.6 m, and 2 m, resulting 

in the L/D ratios of 30, 15, 4.5, was investigated by repeating the analyses for Ar = 

20% and Gr = 10 with the same 10 earthquake ground motions. The mean values of 

Rrd, γr, and Tr versus depth for three L/D ratios (i.e., 4.5, 15, and 30) are compared to 
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those for L/D = 9 in Figure 2.11. The results show that as the L/D ratio is decreased, 

the values of Rrd decrease slightly, the values of γr increase slightly, and the values of 

Tr increase slightly. Thus, there appears to be some advantage to using larger 

diameter columns, given the same Ar, but the gains are relatively minor for the range 

of conditions examined herein. 

2.5. MODIFIED RELATIONSHIP FOR SHEAR STRESS REDUCTION 

FACTOR 

The shear stress reduction factor is mainly governed by the degree of shear strain 

compatibility between the discrete columns and surrounding soil. A modified version 

of Equation 2.1 was developed that better approximates the FE analysis results by 

accounting for γr as shown in Equation 2.6; 

1
Rrd = ≤ 1.0 (2.6)

 1 
G A Cγ + (1− A )r  r r G r G r 

where  CG is the equivalent shear factor of the discrete column acting in shear and 

depends upon cross sectional geometry. The value of CG for circular discrete columns 

is 1.0 and for rectangular deep soil mixing grids is about 0.5 with a slight dependence 

on Ar (Nguyen et al. 2012). 

For discrete columns, the γr predominantly depends upon the Gr and is only 

slightly affected by Ar or L/D (for values of 4.5 to 30). In order to determine the 

relationship between γr and Gr, additional analyses with L/D = 9 were carried out for 

Gr = 50 and 100. The plot of average value of γr along the depth for different value of 

Gr is shown in Figure 2.12(a). From the figure, for all values of Gr the general trend is 
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very consistent and as Gr increases the value of γr decreases. Based on these results, a 

relationship was proposed to estimate the average value of γr for given value of Gr 

and shown in Equation 2.7. This equation always yields γr less than 1.0 and gives γr = 

1.0 at Gr = 1, ensuring shear strain compatible deformation for the essentially 

unimproved case. Figure 2.12(b) shows the comparison of the average γr obtained 

from the FE results and from Equation 2.7. On average the equation reasonably 

matches the average FE results with L/D = 9 for the full range of Gr considered. 

)−0.65 γ r = 1.04(Gr − 0.04 ≤ 1.0 (2.7) 

The Rrd predicted by Equation 2.1 (shear strain compatibility assumption) and 

predicted by Equation 2.6 (proposed relationship) are compared against the FE results 

for L/D = 9 in Figure 2.13(a) and Figure 2.13 (b), respectively. The proposed 

modified relationship provides reasonable agreement with the FE results whereas 

Equation 2.1 produces significantly lower (low) Rrd values. In this particular study, 

RCSR is almost equal to Rrd as the average value of Ramax is close to unity (i.e., 0.98). 

For design, RCSR should be used to evaluate the actual shear stress reduction in soil. 

For this, Rrd will be estimated from Equation 2.6 and a separate site specific study is 

needed to determine the appropriate value of Ramax. The product of Rrd and Ramax 

provides the cyclic shear stress ratio reduction (RCSR) in the soil due to the presence of 

the discrete columns.  

For low stiffness discrete columns such as stone columns, the practical range 

of Gr is about 2 to 10 in sandy soils, with higher Gr difficult to achieve. Thus, stone 

columns with Gr = 10, L/D = 9, and Ar up to 50% may still only yield Rrd values as 

low as 0.7 according to the modified equation. This suggests that the shear stress 
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reduction provided by stone columns may only be a relatively small secondary 

benefit, compared to the stone column densification effect. For higher modulus 

columns (e.g. deep soil mixing columns or jet grout columns), the shear stress 

reduction may be more significant, but is still significantly smaller than estimated 

using Equation 2.1. 

The linear elastic results presented in this paper provide a baseline against 

which future nonlinear modeling results can be compared. Nonlinear analyses using 

equivalent-linear soil models or coupled effective stress soil models are needed to 

account for how shear stiffness and damping vary with increasing levels of shear 

strain or excess pore water pressure. However, the linear elastic results indicate that 

shear stress reductions remain well below those computed by Equation 2.1 across a 

broad range of shear modulus ratios, damping ratios, geometries, and dynamic 

loading conditions. It therefore seems unlikely that the inclusion of nonlinearity in the 

models will produce results that are in significantly better agreement with Equation 

2.1. 

The results of these analyses should not, however, be viewed as diminishing 

the evidence that stone or soil-cement columns can be effective for reducing both the 

potential for liquefaction triggering and the potential consequences of liquefaction. 

Overall, the challenge is developing a better understanding of the improvement 

mechanisms that is consistent with positive observations from the field and physical 

modeling studies. The present study only examined the mechanism of shear stress 

reduction due to the relative difference in stiffness between discrete columns and 

surrounding soils. There is, unfortunately, no experimental or field data available to 
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date that can be used to isolate this particular mechanism relative to the other 

beneficial mechanisms (densification, drainage) during dynamic loading. Regardless, 

the results of these FE analyses further call into question the validity of the 

assumption of shear strain compatibility. Further advances in the design of stone and 

soil-cement columns will require more robust analyses using nonlinear soil and 

column material models, more detailed field and physical modeling studies, and 

careful examination of case histories.  

2.6. SUMMARY AND CONCLUSIONS 

This paper presents results from 3D linear elastic, dynamic, finite element analyses of 

a unit cell from a grid of discrete columns in a liquefiable soil profile. The results of 

these linear elastic analyses were used to examine, in isolation, the effect of the 

discrete column reinforcements on the distribution of dynamic shear stresses and 

strains between the columns and surrounding liquefiable soils for a range of input 

motions. The FE models included area replacement ratios (Ar) from 0 to 30%, shear 

modulus ratios (Gr) from 2 to 100, length to diameter ratios (L/D) from 4.5 to 30, and 

included pseudo-static, harmonic, and earthquake input motions. The cyclic shear 

stress ratio reduction factor (RCSR) depends upon both the site response (as 

represented by the Ramax ratio) and the ratio of shear stress reduction factors (as 

represented by the Rrd ratio). Dynamic shear stresses and strains for improved cases 

were compared to those for unimproved cases. The results of these linear elastic 

analyses provide a baseline against which results of future nonlinear analyses of shear 

reinforcing effects can be compared. 
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A current design method based on the assumption of shear strain compatibility 

between the discrete columns and surrounding soil (Equation 2.1) was shown to 

significantly over-estimate the reduction in seismic shear stresses provided by the 

discrete columns in these linear elastic analyses. Similar findings were reported by 

Goughnour and Pestana (1998), Green et al. (2008), and Olgun and Martin (2008). It 

therefore seems prudent to discontinue use of the shear strain compatibility 

assumption in design practice given that: (1) all available numerical analysis results 

indicate that shear strain compatibility does not develop between the soil and discrete 

columns, and (2) there is no experimental data to support the assumption of shear 

strain compatibility. A modified equation for estimating the reduction in the shear 

stress reduction ratio (Rrd) was developed which accounts for the effects of flexure 

and shear strain incompatibility between the columns and surrounding soil (Equation 

2.6). This modified equation is, however, limited to linear elastic conditions. 

Nonlinear analyses that account for shear modulus degradation, hysteretic damping, 

pore pressure generation, and pore pressure diffusion would provide more realistic 

representations of field conditions and thus provide greater insight into shear stress 

and strain distributions. The extension of the equation proposed in this study to design 

practice will require support from such future nonlinear analyses and/or experimental 

studies. 

The present study illustrates the capabilities of the OpenSeesPL platform for 

analyzing unit cells from a grid of discrete stiff columns. The platform is capable of 

extending these analyses to nonlinear soil and column material models, performing 
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site-specific response analyses, and investigating potential zones of tension with the 

discrete columns. 
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Figure 2.1: Plan view of discrete column layout 
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0 m 1 m- dense sand discrete column 
1 m ρ=1.92Mg/m³ 1.98 m 
2 m υ=0.4
 
3 m
 V s=300 m/s 

4 
4 m 3 

9 m - loose sand 5 m 
ρ=1.92Mg/m³ 0.99 m 6 m 2AAυ=0.4 

7 m 
V s=150 m/s 
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1
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2 m - dense sand 1 mY10 m ρ=1.92Mg/m³ 

11 m υ=0.4 X loading direction 
12 m V s=300 m/s 

c) FE model plan -section at A-A 
a) Soil profile b) FE model elevation with selected points of analyses 

Figure 2.2: Finite element modeling of discrete column for baseline case with Ar 

= 20% and Gr = 10 
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Figure 2.3: Spatial distribution of Rrd and γr from pseudo-static analysis for Ar = 

20% and Gr = 10 
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FFigure 2.4: CContour ploots at sectionn A-A (5 m depth) fromm pseudo-sttatic analysiis 
foor Ar = 20%% and Gr == 10 (dimennsions are in m): (a) ccontours of Rrd; and (bb) 
coontours of γγr 
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Figure 2.5: Harmonic input motion results for Ar = 20% and Gr = 10: (a) profile 
plots of Rrd versus depth; (b) profile plots of RCSR versus depth; (c) profile plots 
of γr versus depth; and (d) plot of Ramax versus input frequency 
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Figure 2.6: Profile plots of Tr versus depth from harmonic input motions: (a) for 
Ar = 20% and Gr=10; (b) for Ar = 20% and input motion with 2 Hz frequency; 
and (c) Gr = 10 and input motion with 2Hz frequency 



 

 

  

  

38 

Figure 2.7: Plot of pseudo-acceleration versus period of the selected ground 
motions at damping ratio of 5% 
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Figure 2.8: Average distribution of Rrd, RCSR, and γr with depth for10 sets of 
earthquake input motions (for Ar = 20% and Gr = 10): (a) Rrd versus depth; (b) 
RCSR versus depth; and (c) γr versus depth 
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Figure 2.9: Plots of average Tr from 10 sets of earthquake input motion analysis 

versus depth: (a) for Ar = 20%; and (b) for Gr = 10 
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Figure 2.10: Plots of average minimum surface acceleration required to develop 
tension versus Ar from 10 sets of earthquake input motion analysis: (a) at 1 m 
depth; and (b) at 4 m depth 
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Figure 2.11: Comparison of parameters from 10 sets of ground motion for L/D = 
4.5, 9, 15, and 30 for Ar = 20%, Gr = 10: (a) average Rrd versus depth; (b) average 
γr versus depth; and (c) average Tr versus depth 
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Figure 2.12: Plots of γr from 10 sets of earthquake input motion analysis versus 
depth for Ar = 20%: (a) average γr versus depth; and (b) average γr versus Gr 
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Figure 2.13: Comparison of shear stress reduction ratio (Rrd): (a) based on strain 
compatibility method (Equation 2.1); and (b) based on proposed method 
(Equation 2.6) for L/D = 9 
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3.1. INTRODUCTION 

Ground improvement using vibro-stone columns has become a popular 

method for mitigating liquefaction hazards. Physical model tests and earthquake case 

histories have shown that stone columns are effective in mitigating liquefaction 

hazards in loose saturated cohesionless soils (e.g. Priebe 1991; Mitchell et al. 1995; 

Saxena and Hussin 1997; Ashford et al. 2000; Adalier et al. 2003). In terms of 

working principles, stone columns are considered to mitigate liquefaction by 

densification, drainage, and reinforcement mechanisms (e.g., Baez 1995; Ashford et 

al. 2000; Adalier et al. 2003; Shenthan et al. 2004). The densification and drainage 

mechanisms are effective in clean sand and sand with low fine contents, in which 

densification during stone column installation and dissipation of excess pore pressure 

during earthquakes are relatively easy to achieve. However, for silts, the densification 

and drainage mechanisms do not work due to the particle’s smaller sizes (difficult to 

densify during stone column installation) and low hydraulic conductivity (difficult to 

dissipate excess pore water pressure during earthquake). In these cases, the shear 

reinforcement mechanism is considered an effective alternative, by reducing seismic 

shear stress in the treated soil (Baez 1995). 

Often in practice, the shear stress reduction is estimated by assuming shear 

strain compatibility between the stone columns and the surrounding soils, which is a 

concept originally proposed by Baez (1995). This concept assumes that stone column 

only deforms in pure shear and being stiffer than surrounding soil, it would attract 

higher earthquake-induced shear stress than surrounding soil. However, recent studies 

suggested that stone columns may deform in both flexure and shear such that they are 
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less effective in reducing shear stress in surrounding soil than by assuming shear 

strain compatibility (Goughnour and Pestana 1998; Green et al. 2008; Olgun and 

Martin 2008; and Rayamajhi et al. 2014). Based on linear elastic 3D finite element 

analyses, Rayamajhi et al. (2014) developed a framework to estimate the shear 

stresses reduction in liquefiable soil treated with stone column. They found that no 

shear strain compatibility occurs between stone column and surrounding soil and for 

practical range of design parameters; a 10 to 30% reduction in shear stress can be 

achieved. 

This study is an extension of work by Rayamajhi et al. (2014) to understand 

the effectiveness of stone columns for in reducing seismically induced shear stresses 

in improved soil.. In this paper, the effects of stone column on the shear stress and 

strain distribution in the surrounding soils are investigated using three-dimensional 

(3D) nonlinear finite element (FE) models of a unit cell. In the following sections, the 

numerical modeling procedure is described along with the description of the 

investigated geometries, material properties and calibration, loadings conditions, and 

model cases. Parameters to interpret the shear stress and strain distribution between 

stone columns and surrounding soils are briefly described. Typical responses for 

unimproved (without stone column) and improved soil (with stone column) profiles 

under earthquake motions, and shear stress and strain distribution results from 

parametric studies are presented. Finally, the findings are summarized and 

implications of using stone column for liquefaction countermeasure in practice are 

provided. 
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3.2. NUMERICAL MODELING 

3.2.1. FE model 

A unit cell modeling approach was used in this study for stone column and 

surrounding soil, similar to Asgari et al. (2013); Elgamal et al. (2009); Olgun and 

Martin (2008), and Rayamajhi et al. (2012). The size of the unit cell depends upon the 

area replacement ratio (Ar) which is achieved by adjusting center to center spacing of 

stone column. For the baseline case herein, a typical 3D model of the half of a unit 

cell for Ar = 20 % is shown in Figure 3.1. Only half of the unit cell is modeled based 

on the symmetry along x-axis and considering periodic boundary conditions.  

Similar to Rayamajhi et al. (2014), all 3D FE models were created in the 

OpenSees FE framework (McKenna et al. 2010). OpenSeesPL is used as a pre

processor to generate mesh. All soil materials were modeled using 8-node brick 

element, “brickUP” element, available in OpenSees. This 8 node brick element is 

based on the solid-fluid (u-p) formulation of Chan (1998) and Zienkiewicz et al. 

(1990) for saturated soil and is implemented in OpenSees (Yang et al. 2003, Yang et 

al. 2008; Elgamal et al. 2009). Each node in this brick element corresponds to 3 

degree-of-freedom for the space and 1 degree-of-freedom for the fluid pressure 

interaction. More information about this element can be found in elsewhere (Yang et 

al. 2003; Yang et al. 2008, Mazzoni et al. 2009). The stone columns and surrounding 

liquefiable soils elements were connected at their nodes and no interface elements 

were employed.  

For the baseline case, the soil profile consists of 9-m-thick liquefiable loose 

sand layer with average Standard Penetration Test (SPT) energy and overburden 
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pressure corrected blow count (N1)60, value of 7 corresponding to relative density (Dr) 

≈ 35%, underlain by 2-m-thick dense sand layer with average SPT (N1)60 value of 35 

(Dr ≈ 88%), and overlain by 1-m-thick dense sand layer (Dr≈88%). The water table is 

located at ground surface. The liquefiable soil is treated with 1-m diameter stone 

column throughout 9-m depth and resting on the top of the bottom dense sand layer as 

shown in Figure 3.1. For this baseline model, slenderness ratio, L/D, corresponds to 9. 

The unit cell is discretized into 1.0 m thick elements for liquefiable soil and stone 

column. Generally, earthquake motions contains a range of frequencies but for 

engineering interest frequencies up to 15 Hz are generally sufficient, so model with 

1.0 m thick layer is reasonably acceptable to transmit these frequencies through the 

liquefiable soil. In order to investigate the mesh sensitivity, analyses were carried out 

with 0.5 m thick elements (suitable for passing frequency up to ~30Hz) and overall 

similar responses (i.e., acceleration, excess pore water pressure, stress-strain 

behavior, lateral displacements) were obtained for 1.0 m and 0.5 m thick elements of 

FE models. Thus, all the analyses were carried out using 1.0 m thick elements 

(without distorting the results significantly) to reduce computational effort. 

The following boundary conditions were used for 3D FE models: (1) the 

displacement degree of freedom of left and right boundary nodes were set equal in all 

directions (i.e., horizontally and vertically) using the penalty method (e.g., Elgamal et 

al. 2009; Law and Lam 2001; Olgun and Martin 2008; Rayamajhi et al. 2014), (2) all 

nodes on the symmetry plane as well as on outer boundaries were fixed against out-

of-plane displacement but free longitudinally and vertically, (3) the nodes at base of 

dense sand layer were fixed, (4) the input ground motions were imposed on the base 
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in the x-direction, and (5) for the baseline model the soil surface was modeled as 

stress free with a prescribed zero pore pressure condition. 

3.2.2. Soil constitutive model and material calibrations 

All soil materials were modeled using the PressureDependMultiYield02 (PDMY02) 

constitutive model available in OpenSees. The PDMY02 model, implemented in 

OpenSees by Yang et al. (2003; 2008), was developed based on framework of 

multisurface-plasticity theory (Prevost 1995) for cohesionless soils. The PDMY02 is 

an elastic-plastic model for simulating the cyclic response characteristics of pressure 

sensitive soil materials (e.g., sand, silt). The PDMY02 uses an associative flow rule 

for the deviatoric plastic strain and the volumetric plastic strain follows non-

associative rule which allows for simulating shear induced contraction and dilation as 

explained in Elgamal et al. (2003). The model is capable of simulating characteristics 

such as dilatancy (shear-induced volume contraction or dilation), non-flow 

liquefaction (cyclic mobility), and cycle by cycle permanent shear strain 

accumulation, which are typically exhibited in sands or silts during monotonic or 

cyclic loading (Parra 1996; Yang et al. 2003; Yang et al. 2008; Elgamal et al. 2009). 

The detail information about the PDMY02 model can be found elsewhere (Mazzoni 

et al. 2009; Yang et al. 2003, Yang et al. 2008). 

Three liquefiable soils were considered in this parametric study: loose sand, 

and two medium-dense sands corresponding to the SPT (N1)60 of 7 (Dr ≈ 35%), 15 

(Dr ≈ 50%), and 22 (Dr ≈ 75%), respectively. The model parameters were chosen 

based on calibration of direct simple shear (DSS) element responses (drained and 

undrained) to published empirical design correlations. The friction angle for the loose 
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sand, medium sand, medium-dense sand, and dense sand were slightly adjusted from 

an SPT-based empirical relationship given by Kulhawy and Mayne (1990). The 

gravelly soil used in stone column construction produces a curved failure envelop due 

to its dilative tendencies (Stuedlein and Holtz 2013). For simplicity, the friction angle 

for the stone column material was assigned equal to 48˚, similar to that reported by 

Duncan et al. (2007) over effective minor principal stress (σ’3) equal to 100kPa (or 1 

atm). The small-strain shear modulus (Gmax) for the liquefiable soil and dense sand 

were also predicted from SPT based empirical relationship by Andrus and Stokoe 

(2000), while the low strain shear modulus for the stone columns were selected 

relative to liquefiable soil resulting in different shear modulus ratio (Gr). 

The liquefiable soils were calibrated to produce cyclic resistance ratio (CRR) 

corresponding to SPT-based liquefaction curves of Idriss and Boulanger (2008). The 

model specific parameters (e.g. phase transformation angle, contraction and dilation 

parameter, steady state parameters) for the liquefiable soils were selected to produce 

3% single amplitude shear strain (approximately corresponds to excess pore pressure 

ratio of 100%) under undrained cyclic DSS simulation at approximately 15 uniform 

cycles of CSR. For the dense sand and stone columns, the model specific parameters 

were selected similar to that of a dense sand as recommended in Yang et al. (2003; 

2008). All the soil models were calibrated for the reference confining pressure of 100 

kPa (or 1 atm). The parameters used to model the different materials in this study are 

provided in supplement Table A.1. 

The results from single element undrained and drained cyclic DSS simulations 

are provided in the supplemental online data appendix. The responses from the 
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undrained cyclic DSS simulation using the selected constitutive model for the loose 

sand [SPT (N1)60 = 7] for different static shear stress biases (typically exhibited in 

sloping ground condition) are provided in supplement Figure A.1. The calibrated 

responses for CSR versus number of uniform cycles to develop 3% single amplitude 

shear strain compared with laboratory test data (i.e., Arulmoli et al. 1992; Doygun 

2009) is provided in the supplement Figure A.2. Overall, the CRR curves obtained 

from OpenSees simulations for liquefiable soils are higher and steeper than the 

published data (i.e., Arulmoli et al. 1992; Doygun 2009). The typical response for the 

loose sand under the drained cyclic DSS simulation is shown in supplement Figure 

A.3, and the normalized shear modulus versus shear strain and damping ratio vs shear 

strain for different soil materials are shown in supplement Figure A.4 and Figure A.5. 

The shear modulus reduction curves and damping curves for sand and stone columns 

are reasonably comparable at lower shear strains with the curves obtained from 

literature (i.e., EPRI 1993; Rollins et al. 1998). However, at higher shear strains 

hysteretic damping obtained from simulations are significantly higher so more 

research is needed in this area to improve the damping behavior of model. 

Nevertheless for the purpose of this study, the shear modulus reduction curves and 

damping curves are deemed to be acceptable. 

3.2.3. OpenSees analyses  

Linear elastic analysis was carried out for gravity equilibrium (and static loading due 

to the slop ground) to initialized hydrostatic pressure, effective stress (or confining 

stress), and Ko conditions as the first step in the model simulation. In the second step, 

the material was switched from linear to nonlinear to simulate plastic behavior. The 



 

 

 

53 

static stresses due to sloping ground were applied as component of body forces in the 

model. The sloping ground conditions were used in companion paper (Chapter 4). A 

numerical Raleigh damping of 0.5 % was specified at frequencies of 0.3 and 5 Hz to 

avoid numerical instability. 

3.2.4. Ground motions 

In this study, 10 acceleration time series were used as input earthquake motions to 

conduct nonlinear dynamic analyses. Baker et al. (2011) have compiled 40 sets of 

ground motions whose median response spectra matches with median response 

spectra those predicted by Boore and Atkinson’s (2008) ground motion prediction 

equation. These motions were obtained for an earthquake magnitude Mw = 7 and 

source-to-site-distance R = 10 km, and strike-slip earthquake mechanism, for “rock 

site”. For this study, 10 ground motions out of these 40 sets were selected such that 

the median normalized spectra of 10 motions matched with that of median normalized 

spectra of 40 sets of ground motions as shown in Figure 3.2. The selected ground 

motions are presented in supplement Table A.2. In this study, the selected 10 ground 

motions were scaled from 0.05 to 0.6 g for parametric study.  

3.2.5. Model cases and parametric studies 

Analyses were carried out for unimproved (i.e. free field) and improved conditions 

(i.e. soil treated with stone columns). To investigate the shear reinforcement 

mechanisms of stone columns, two analysis cases were developed: 

Dry model (DM) case: This case helps to understand the shear stress and strain 

distribution mechanism of stone columns solely based on the nonlinearity of soil (i.e. 

without the generation of any pore water pressure in the soil profile). All the nodes 
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for unimproved and improved soil were fixed against pore pressure generation (i.e., 

simulating dry case).  

Saturated model (SM) case: In this case, the model is allowed to generate pore water 

pressure. The distribution of shear stress and strain were investigated for different 

state of excess pore water pressure (EPWP) ratio (ru = EPWP/σ ’vo, σ ’vo = initial 

effective stress). Stone columns are highly permeable as compared to the surrounding 

soil, so they can provide drainage path for the dissipation of excess pore water built 

up during earthquake shaking. To address the shear reinforcement effects only, 

hydraulic conductivity for stone column was assigned equal to that of surrounding 

soil such that stone columns do not provide any faster drainage path for EPWP 

dissipation. In this study, this case was used as extreme condition in terms hydraulic 

conductivity of stone column, representing complete intermixing of stone column 

with surrounding soil. 

3.3. PARAMETERS FOR SHEAR STRESS AND STRAIN DISTRIBUTION 

Rayamajhi et al. (2014) developed a procedure to interpret the shear stress 

distribution in terms of cyclic stress ratio (CSR) for improved and unimproved 

ground. The CSR is computed using simplified procedure proposed by Seed and 

Idriss (1971). The ratio of CSR for improved soil (CSRI) over the CSR for improved 

soil (CSRU), RCSR, is expressed as 

  CSR I amax, I rd I,RCSR = =    = Ra max Rrd (3.1)  CSR a r max, U  ,U  d U   

where amax,U and amax,I = peak horizontal acceleration at the ground surface for 

unimproved and improved cases, respectively; rd,U and rd,I = shear stress reduction 
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coefficient for unimproved and improved cases, respectively; Ramax = ratio of peak 

surface accelerations for improved and unimproved cases, and Rrd =ratio of shear 

stress reduction coefficient for improved and unimproved cases. If Ramax=1, then 

dynamic responses on unimproved and improved conditions are same and Rrd 

becomes RCSR. 

Based on linear elastic finite element analyses, Rayamajhi et al. (2014) 

develop a mathematical relationship to estimate the Rrd, which depends upon Ar, Gr, 

and shear strains between stone column and surrounding soil. The expression for the 

Rrd is: 

Rrd = 1 ≤1.0 (3.2)
 1 

G A γ C + 1− Ar  r r G G 
( r )

 r 

where  CG is the equivalent shear factor of the discrete column acting in shear and 

depends upon cross sectional geometry. The value of CG for circular stone columns is 

1.0 and for other geometry can be found in Nguyen et al. (2013). The shear strain 

ratio, γr, is the ratio of shear strain in stone column divided by shear strain in 

surrounding soil. The value of γr can be estimated using Rayamajhi et al. (2014) 

based on their numerical simulations of linear-elastic FE models as 

)−0.65 γ r = 1.04(Gr − 0.04 ≤ 1.0 (3.3) 

For shear strain compatibility, γr is always 1.0, which results the above Equation 3.2 

identical to the design equation proposed by Baez (1995). For the improved case, the 

relative stress ratio between stone columns and surrounding soil can be obtained my 

multiplying Gr with γr. 
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3.4. SIMULATION EXAMPLE  

3.4.1. Typical responses 

The typical ground surface acceleration responses for DM (dry model without pore 

pressure generation) and SM (saturated model with pore pressure generation) cases 

are shown in Figure 3.3. The example is shown for Ar = 20%, Gr = 5, and depth of 

liquefiable soil (Hliq) = 9 m with SPT (N1)60 = 7. The models were analyzed with 

Loma Prieta (1989) ground motion recorded at Gilroy - Gavilan College station 

scaled to 0.20g. The responses are shown for the element at location 1 (Figure 3.1). 

The ru and shear stress-strain responses are shown for the elements at 4-m depth. 

For the DM case, unimproved and improved soil profiles give identical 

ground surface acceleration responses and the ground surface accelerations were 

amplified to ~0.60g (i.e., three times base motion) for both unimproved (w/o SC) and 

improved (with SC) soil. The amplification of motion at surface is expected for 

ground motion propagating in loose dry soil profile.  

For SM case, both unimproved and improved soil profiles liquefied and the 

peak acceleration at the ground surface were 0.20g and 0.35g, respectively. After soil 

liquefied, the amplitude of the acceleration decreases significantly due to reduction in 

soil strength and stiffness, and increase in hysteretic damping. The attenuation of 

acceleration responses is typical for liquefied soil as observed in centrifuge tests 

(Adalier et al. 2003) 

In terms of excess pore pressure generation, unimproved and improved soil 

profiles in SM case show similar behavior and soil approached a liquefied state (i.e. 

ru≈95%) at 4.13s for unimproved soils and 4.25s for improved soils. In improved 
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case, the transient dip of excess pore pressure is resulted to due to dilation of the 

stone columns, such that decrease in pore pressure of stone columns also slightly 

decreases pore pressure in surrounding soil. However, the stone column does not help 

to prevent liquefaction triggering (i.e., ru = 1). For both unimproved and improved 

soil profiles, the ru remains 1.0 during the whole shaking duration. 

The typical stress strain behavior for DM and SM cases at location 1 and 2 (as 

shown in Figure 3.1) are shown in Figure 3.4. As expected, stress-strain behaviors are 

consistent with fully drained condition for DM case and liquefied soil conditions for 

SM case. In unimproved cases (DM and SM), the stress-strain behaviors are similar at 

location 1 (Figure 3.4a, b) and location 2 (Figure 3.4a, b). In improved cases (DM and 

SM), the stress-strain behaviors are quite different at location 1 and location 2. The 

shear stress and strain of improved soils are slightly higher than unimproved soils at 

location 1 (Figure 3.4a, b) and significantly lower at location 2 (Figure 3.4c, d) for 

both DM and SM cases. These results suggest that soil located away from the stone 

column along X direction experience larger stress and strain than soil located away 

from the stone column along Y direction. 

3.4.2. Rrd and γr responses 

3.4.2.1. DM case 

Figure 3.5 shows the plot of average Rrd and γr vs depth for the Ar = 20% and Gr = 5 

with different scaled shaking intensities for Loma Prieta (1989) earthquake motion. 

For the low shaking intensity (i.e., 0.05 g), the model behaves similar to as linear 

elastic condition and Rrd and γr responses are similar to that of linear elastic solutions 

obtained by Rayamajhi et al. (2014). Generally, Rrd slightly decreases with depth for 
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different shaking intensities, while the γr is relatively constant up to 7 m depth and 

then increases. As the ground shaking intensity increases, both Rrd and γr decreases. 

These trends are expected because at higher shaking, the shear modulus of stone 

column decreases slowly as compared to shear modulus of surrounding soil. For 

example, the shear modulus of stone column decreases by 53 % at 0.05% shear strain 

during the shaking and shown as point A’ from A in Figure 3.6, while at the same 

time shear modulus of liquefiable soil decreases by 58 % for the shear strain of 0.20% 

(with γr ~0.25) shown as point B’ from B. Thus, the transient shear modulus ratio is 

1.12 (i.e., 0.47/0.42) times higher than initial Gr value of 5. Therefore, this increase in 

shear modulus ratio helps to slightly reduce the Rrd. At larger shear strains (i.e. greater 

than 0.1% for stone column and greater than 1% for surrounding soil), the difference 

in transient shear modulus ratio and initial shear modulus ratio is not significant thus 

stone columns do not results in higher reduction of shear stresses in surrounding soil. 

Moreover, at higher shaking intensity (PGA > 0.20g) of ground motion, the stiffness 

of both stone columns and soil reduces such that Rrd can be higher (or sometime close 

to unity) as found in other earthquake motions (not shown here). It should be noted 

that the trend of both Rrd and γr also depends upon the input motions frequencies so 

that for different ground motions, the trends could be significantly different. 

Nevertheless, the overall average trends of both Rrd and γr follow as shown the Figure 

3.5. 

3.4.2.2. SM case 

The Rrd and γr are computed at different stages of ru developed in the soil because the 

shear reinforcing mechanism of stone columns is considered to be effective before the 

http:0.47/0.42
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initiation of liquefaction (i.e., ru ≈ 1.0). The Rrd and γr were computed at ru≤0.50, ru ≤ 

0.80, and ru ≤ 0.95 for both unimproved and improved soils. It is noted that the 

computation is carried out for ru reaching 0.5, 0.8 and 0.95 at the first instance (i.e., 

whole time history record results were not used). However, for ru ≤ 1.0, computation 

is carried out using whole time history. Figure 3.7 shows plots of Rrd and γr vs depth 

for Ar = 20%, Gr = 5, and input motion intensity = 0.20 g. At low ru (i.e., ≤ 0.5), the 

average Rrd and γr are close to that of linear elastic results by Rayamajhi et al. (2014). 

As the ru increases to 0.8 and 0.95, Rrd further reduces. However, there is no 

significant further reduction in Rrd after ru > 0.95 [as shown in dark line in the Figure 

3.7 (a)]. This may be due to the reason that an increase in ru leads to reduction in 

stiffness of both liquefiable soil and stone column such that the transient increase in 

Gr does not affect the shear stress distribution in improved soil. Moreover, Rrd also 

depends upon frequency of input motions so that Rrd at ru > 0.8 could be sometimes 

higher than Rrd at ru ≤ 0.8, as found in other input motion (not shown here). In terms 

of shear strain distribution, no shear strain compatibility occurs between stone column 

and surrounding soil for any level of ru. The values γr are consistent for all level of in 

ru and similar to that of Rayamajhi et al. (2014). 

3.5. INCREMENTAL DYNAMIC ANALYSIS  

Incremental Dynamic Analysis (IDA) is a parametric study that involves subjecting a 

structural/soil model with varying intensities of scaled ground motions (Vamvatsikos 

and Cornell 2001). In this study, IDA with 10 sets of motions was performed to 

evaluate the effect of shaking intensities on dynamic response, shear stress, and shear 

strain distributions parameters. For DM case, the variation of Rrd, Ramax and γr, for Ar 
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= 20%, Gr = 2, 5, and 7 with input shaking intensities are shown in Figure 3.8. In 

general, for all Gr, as motion intensity increases the average Rrd and γr tends to 

slightly decrease and the average Ramax tends to remains fairly same (close to unity). 

The dispersions (variation from means) of Rrd,  Ramax, and γr increase as the shaking 

intensity of input motions increases due to increase in nonlinearity of soil responses. 

It is noted that some input motions give Rrd greater than unity suggesting that 

improved soil would experience higher shear stress than unimproved soil. 

For SM case, the variation of average Rrd, Ramax and γr, for Ar = 20%, Gr = 2, 

5, and 7 with input shaking intensities at ru ≤ 0.8 are shown in Figure 3.9. In general, 

for all Gr, as motion intensity increases the average Rrd tends to decrease and γr 

intends to fairly remain same, and the average Ramax tends to increase. The dispersions 

of Rrd,  Ramax, and γr significantly increase as the shaking intensities of input motions 

increase due to increase in excess pore water pressure and decrease in stiffness and 

strength of soil. 

3.6. PARAMETRIC STUDY ON Rrd AND γr 

3.6.1. Effects of Ar and Gr 

Parametric simulations were carried out to obtain Rrd and γr for different Ar 

and Gr. The other parameters of the simulations were Ar = 10, 20 and 30 %, Gr = 1 

(i.e., representing unimproved soil without stone column), 2, 5, 7, SPT (N1)60 = 7, 

depth of liquefiable soil (Hliq) = 9 m, diameter of stone column (D) =1 m, and input 

motion PGA = 0.05 and 0.20g. The comparison of Rrd vs Ar and γr vs Gr for different 

Gr and shaking intensity with the design expression proposed by Rayamajhi et al. 

(2014) and Baez (1995) are shown in Figure 3.10 (for DM case) and Figure 3.11 (for 
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SM case). Simulation results showed that an increase in Ar and Gr of improved soil, 

the Rrd decrease in both 0.05 and 0.20g input motions. For DM case, the model 

proposed by Rayamajhi et al. (2014) predicts Rrd (as shown in Figure 3.10a) fairly 

well for both 0.05 and 0.20g input motions. For SM case, the model proposed by 

Rayamajhi et al. (2014) predicts Rrd well for shaking intensity =0.05g and slightly 

underestimates for PGA = 0.20g (as shown in Figure 3.11a). In both DM and SM 

cases, the Rrd are significantly higher than Baez (1995) method. The γr values are less 

than unity (i.e., no strain compatibility) for all range of parameters varied herein. An 

increase in Gr decreases γr in both DM and SM cases (Figure 3.10b and Figure 3.11b). 

The γr obtained from FE simulations are consistent with Rayamajhi et al. (2014) 

method for all range of Gr studied in this study. 

3.6.2. Effects of vertical stress 

Superstructure loads provide additional vertical stress (Δσavs) for unimproved or 

improved soils. Even though superstructure footprint are generally finite length, for 

simulation it is assumed that extend of superstructure is infinite so that unit cell 

approach for simulation is still valid. In OpenSees, additional vertical stresses were 

applied as vertical point loads at ground surface, which are calculated by multiplying 

the vertical stress with tributary areas for nodes. It is noted that with this approach 

there is no shear loads transfer from the vertical loads and the effects will be seen as 

only increase in confinement stress for stone columns and surrounding soil. At any 

depth, the increase in confinement for stone columns and surrounding soil would be 

approximately same.  
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Parametric simulations were carried out to obtain Rrd and γr for Δσavs. The 

parameters of the simulations were Ar = 10, 20 and 30 %, Gr = 1, 5, SPT (N1)60 = 7, 

Hliq = 9 m, Δσavs = 0, 50, 100 kPa, D = 1 m, and PGA = 0.05 and 0.20g. Figure 3.12 

shows the plot of Rrd vs Ar and γr vs Gr at ru ≤ 0.80 for SM case. On average, the 

increase in Δσavs slightly decreases the Rrd for the range of parameter studied herein 

(Figure 3.12a). The γr values are less than unity (i.e., no strain compatibility) for all 

range of Δσavs suggesting that loads from superstructure does not help to provide 

shear strain compatible deformation between columns and surrounding soil. The γr 

obtained from FE simulations are closed to the values predicted using Rayamajhi et 

al. (2014) method (Figure 3.12b). Similar trends of Rrd vs Ar and γr vs Gr were found 

for DM case for the range of same parameters. 

It is noted that the Rrd can be seen significantly reduced, if the Rrd is computed 

using improved soil with Δσavs and unimproved soil without Δσavs (not shown here). 

But in such case, shear stresses reduction occurred mainly due to Δσavs rather than 

change in deformation pattern of stone column (i.e. behaving in shear). When 

compared with and without Δσavs for unimproved soil only, significant reductions in 

CSR were found due to vertical stress which is expected for such conditions. 

3.6.3. Effects of L/D ratio for stone column 

To investigate the effects of slenderness ratio (L/D) of stone columns on Rrd and γr, 

further analyses were carried. The parameters of the simulations were Ar = 10, 20 and 

30 %, Gr = 1, 5, SPT (N1)60 = 7, Hliq = 3, 6, 9 m, Δσavs =0 kPa, D = 1 m, and PGA = 

0.05 and 0.20g. The L/D ratio of the stone column corresponds to 3, 6 and 9 for 3, 6 

and 9 m long stone column, respectively. Figure 3.13 shows the plot of Rrd vs Ar and 
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γr vs Gr for and ru ≤ 0.80 for SM case. On average, the decrease in L/D slightly 

decreases the Rrd and slightly increases γr for the range of parameter studied herein 

(Figure 3.13a). The γr values are less than unity (i.e., no strain compatibility) and 

almost same for all range of L/D suggesting that decrease in L/D does not improve 

strain compatible deformation between columns and surrounding soil. The γr are 

consistent with Rayamajhi et al. (2014) method (Figure 3.13b). Similar trends of Rrd 

vs Ar and γr vs Gr were found for DM case for the range of same parameters shown 

within this section. 

3.6.4. Effects of relative density of native soil 

In order to capture the effect of relative density on liquefaction resistance, additional 

parametric studies were carried with SPT (N1)60 = 15 and 22, representing two 

magnitude of medium-dense sand, and results were compared with that of design 

relationships by Rayamajhi et al. (2014) and Baez (1995). Figure 3.14 shows the plot 

of Rrd vs Ar and γr vs Gr for (N1)60 = 7, 15, and 22 with Gr = 5 with input shaking 

intensity of 0.05g and 0.20g. The results are presented for SM case with ru ≤ 0.80 and 

similar trends were obtained for DM case (not shown here). As can be seen from the 

figure, there is no significant difference in γr and Rrd results for different liquefiable 

soil. As the shear stress reduction is largely depends on Ar and Gr, almost similar 

trends were observed for the range of liquefiable soil studied herein. The trends of Rrd 

are very similar to the values predicted by Rayamajhi et al. (2014) and far higher than 

values predicted by Baez (1995). 
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3.7. DISCUSSION 

Based on the results presented herein, the shear reinforcement mechanism of stone 

columns is less effective in reducing liquefaction potential in surrounding soil than 

previously known. The dynamic time history response in DM case shows that stone 

columns are less effective in site stiffening by shear reinforcement mechanism, as the 

peak acceleration at ground surface are similar in both unimproved and improved 

soil. The dynamic time history response in SM case also shows shear reinforcement 

mechanism is not effective in preventing liquefaction triggering in improved soil as ru 

reached to unity almost at same time as in unimproved soil. The parametric study 

using Ar =10 to 30 %, Gr = 2 to 7, SPT (N1)60 =7 to 22, Hliq =3 to 9 m, Δσavs =0 to 100 

kPa,  D =0.6 to 1.5 m, and PGA = 0.05 to 0.60 suggest that stone columns and 

surrounding soil do not deform in shear compatible mode (i.e., shear strain 

incompatibility, γr ≠1) such that Rrd are not reduced significantly as predicted using 

shear strain compatibility assumption (i.e., Baez 1995). Based on these results, it is 

prudent to discontinue using shear strain compatibility assumption to estimate shear 

stress reduction in improved soil. Moreover, for such a marginal reduction in CSR 

(i.e., 10 to 30%) for the range of parameter studied herein, cautioned should be 

carried out for considering benefits from shear reinforcement by stone columns when 

evaluating liquefaction triggering potential in improved soil. The CSR reduction in 

improved soil can be estimated fairly well using Rayamajhi et al. (2014) method.  

Though stone column does not help to prevent liquefaction triggering in 

improved soil, it may provide reinforcement effects to limit overall post-liquefaction 

deformations such as lateral displacements. Structures are generally constructed on 
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top of stone columns, leading to a stiffer and stronger stone column which may 

deform less such that overall lateral displacements get reduced. These aspects of 

stone columns are investigated and presented in Chapter 4 (companion manuscript). 

3.8. SUMMARY AND CONCLUSIONS 

This paper investigated the shear reinforcement mechanism of stone columns on 

resisting liquefaction triggering in cohesionless soil using 3D FEM analysis. 

OpenSees was used to perform analysis of a unit cell treated with stone columns. 

Several analyses were carried out for practical range of parameters: Ar = 10 to 30 %, 

Gr = 2 to 7, SPT (N1)60 = 7 to 22, Hliq = 3 to 9 m, Δσavs = 0 to 100 kPa, D =0.6 to 1.5 

m, and PGA = 0.05 to 0.60g for 10 different input motions.  

It is found that stone columns and surrounding improved soil do not deform in 

shear compatible mode (i.e., no shear strain compatibility) such that stone columns 

has limited performance for preventing liquefaction triggering by shear 

reinforcement. 

The benefits of shear reinforcement in terms of reducing shear stress in 

improved soil are over-estimated using current design method (assuming shear strain 

compatibility). For a marginal reduction in Rrd as found in this study, cautioned 

should be carried out when considering benefits from shear reinforcement by stone 

columns for evaluating liquefaction triggering potential in improved soil. It is 

recommended that shear reinforcement mechanism of stone columns should be only 

considered as secondary rather than primary mechanism for ground improvement.. 

The expression proposed by Rayamajhi et al. (2014) provides a reasonable estimate 

of the shear stress reduction. However, in some cases site specific study may be 
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warranted as the dynamic response of soil is affected by input ground motions and 

stone columns may not reduce the shear stresses in the surrounding soil.  
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a) FE model elevation b) FE model plan -section at A-A 

Figure 3.1: Soil profile configuration and FE model layout  
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Figure 3.2: Normalized response spectra (with respect to PGA) of 10 selected 
input motions with median spectra compared to median normalized spectra 
from Baker et al. (2011) 
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Figure 3.3: Example responses for a soil profile with and without stone columns 
for Loma Prieta (1989) motion scaled to 0.20g: (a) input motion at the base of the 
soil profile, (b-c) response for DM case, (d-e) response for SM case, (f) response 
for SM case at 4m depth 
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Figure 3.4: Shear stress vs shear strain responses under Loma Prieta (1989) 
ground motion at location 1 and 2 in liquefiable soil: (a and c) with and without 
stone column for DM case, and (b-d ) with and without stone column for SM 
case 
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Figure 3.5: Variations of shear stress and strain distribution for DM case under 
Loma Prieta (1989) motion scaled to different PGA: (a) Rrd vs depth trends and 
(b) γr vs depth trends 
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Figure 3.6: Shear modulus reduction ratios for stone columns and loose sand; 
showing A -A’ points for stone columns and B-B’ points for loose sand 
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Figure 3.7: Variations of shear stress and strain distribution for SM case at 
different levels of ru under Loma Prieta (1989) motion scaled to 0.20g: (a) Rrd vs 
depth trends and (b) γr vs depth trends 
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Figure 3.8: Variations of Rrd , Ramax, and γr vs PGA for DM case with different Gr and Ar = 20%:(a) plot of Rrd vs PGA; (b) plot 
of Ramax vs PGA; and (c) plot of γr vs PGA 
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Figure 3.9: Variations of Rrd , Ramax, and γr vs PGA for SM case with different Gr , Ar = 20%, and ru ≤ 0.8:(a) plot of Rrd vs 
PGA (b) plot of Ramax vs PGA and (c) plot of γr vs PGA 
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Figure 3.10: Comparison of average Rrd vs Ar for different Gr in DM case at  
shaking PGA = 0.05 and 0.20 g: (a) plot of Rrd vs Ar and (b) plot of γr vs Gr 
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Figure 3.11: Comparison of average Rrd vs γr for different Gr in SM (ru ≤ 0.8) at 
shaking PGA = 0.05 and 0.20 g: (a) plot of Rrd vs Ar and (b) plot of γr vs Gr 



 

 

 
 

  

78 

Figure 3.12: Comparison of average Rrd and γr for different vertical loads for SM 
case (ru ≤ 0.8) at shaking PGA = 0.05 and 0.20 g: (a) plot of Rrd vs Ar and (b) plot 
of γr vs Gr 
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Figure 3.13: Comparison of average Rrd and γr for different liquefiable soils 
depth for SM case (ru ≤ 0.8) at shaking PGA = 0.05 and 0.20 g: (a) plot of Rrd vs 
Ar and (b) plot of γr vs Gr 
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Figure 3.14: Comparison of average Rrd and γr for different (N1)60 of liquefiable 
soils for SM case (ru ≤ 0.8) at shaking PGA = 0.05 and 0.20 g: (a) plot of Rrd vs Ar 

and (b) plot of γr vs Gr 
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4.1. INTRODUCTION 

Liquefaction induced lateral spreading resulted in significant damage to 

foundations and structures as reported in past earthquakes reports (e.g., GEER 2010, 

2011a, 201b). Ground improvement using stone columns is a popular method used in 

geotechnical engineering practice to mitigate the risk of liquefaction hazards. 

Effectiveness of stone columns in mitigating liquefaction and reducing associated 

deformations has been published in literature based on field case histories (e.g., 

Hayden and Baez 1994, Mitchell et al. 1995, Saxena and Hussin 1997), full scale 

(Ashford et al. 2000) and model scale (Adalier et al. 2003) experiments, and 

numerical analyses (Elgamal et al. 2009, Asgari et al. 2013). Depending upon in-situ 

soil, stone column are considered to mitigate liquefaction by densification, drainage, 

and reinforcement mechanisms or combinations of these (e.g., Baez 1995; Ashford et 

al. 2000; Adalier and Elgamal 2004; Shenthan et al. 2004).  

Experimental data for evaluating the reinforcement mechanisms of stone 

columns liquefiable soils in terms of limiting post-liquefaction deformations are quite 

limited. Centrifuge tests conducted by Adalier et al. (2003) showed that stone 

columns are effective in limiting post-liquefaction settlement of an overlying footing 

resting on improved soil. Limited parametric simulations of a unit cell (Elgamal et al. 

2009 Asgari et al. 2013) showed that stone columns help to reduce the lateral 

displacement in improved soil. However, their numerical simulations were based on 

combined drainage and reinforcement aspects of stone column. The reinforcing 

effects of stone columns in terms of limiting post-liquefaction lateral displacement in 

sloping ground are not fully explored yet. 
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This paper investigates the shear reinforcement, drainage and densification 

aspects of stone columns on resisting liquefaction triggering and associated 

deformation (lateral displacement) in cohesionless soil (sand and non-plastic silt) 

using numerical analyses. Using 3D nonlinear FE analyses of unit cell treated with 

stone columns. In the following sections, the numerical modeling procedure is 

described along with the description of the investigated geometries, material 

properties and calibration, loadings conditions, and model cases. Typical responses 

for unimproved (without stone column) and improved soil (with stone column) 

profiles under an earthquake motion are presented. Then lateral displacement 

responses from parametric study are presented. Finally, the findings summarized and 

implications of using stone column for liquefaction countermeasure in practice are 

provided. 

4.2. NUMERICAL MODELING 

4.2.1. FE modeling 

The details of the FE modeling and soil constitutive modeling are explained in the 

companion paper and thus only a brief summary is presented herein. A unit cell 

modeling approached was used with varying center-to-center spacing between 

columns. Only half of the unit cell was model based on the symmetry along x-axis. 

The PressureDependMultiYield02 constitutive model (Yang et al. 2003, 2008, 

Mazzoni et al. 2009) available in OpenSees, was used for soil materials. All soils 

were modeled using 8-node brick element, “brickUP” element, which is based on the 

solid-fluid formulation of Chan (1998) and Zienkiewicz et al. (1990) for saturated soil 

implemented in OpenSees (Yang et al. 2003, 2008, Mazzoni et al. 2009). The soil 
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profile consists of a liquefiable loose sand layer with the range of layer thickness and 

a range of Standard Penetration Test (SPT) energy and overburden pressure corrected 

blow counts, underlain by 2-m-thick dense sand layer and overlain by 1-m-thick 

dense sand with SPT (N1)60 = 35, corresponding to relative density, Dr r≈ 88%. The 

bottom dense sand layer is assumed to be resting on bed rock. The water table is 

located at ground surface. The liquefiable soil is treated with 1-m diameter stone 

column throughout 9-m depth and resting on the top of the bottom dense sand layer as 

shown in Figure 4.1. 

Periodic boundary condition (Elgamal et al. 2009; Law and Lam 2001; Olgun 

and Martin 2008; Rayamajhi et al. 2014) was used for left and right edge elements. 

All nodes on the symmetry plane as well as on outer boundaries were fixed against 

out-of-plane displacement but free longitudinally and vertically. The model base was 

fixed at base and ground motions were applied along x-direction. The sloping ground 

conditions were simulated by applying component gravity as body force along x-

direction, calculated as sine of angle of inclination. A total of 10 ground motions at 

rock site were selected as described in companion paper and scaled to varying 

intensities. Zero pore pressure was prescribed at ground surface. To avoid numerical 

instability, a small amount (i.e., 0.5 %) of Raleigh damping was specified at 

frequencies 0.3 to 5 Hz. 

4.2.2. Soil model calibration  

Three liquefiable soils were considered with varying density corresponding to the 

SPT (N1)60 of 7 (Dr ≈ 35%), 15 (Dr ≈ 50%), and 22 (Dr ≈ 75%), respectively. These 

soils are calibrated to produce cyclic resistance ratio (CRR) corresponding to SPT- 
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based liquefaction curves of Idriss and Boulanger (2008). The calibrations were 

carried out with drained and undrained cyclic simple shear simulations and typical 

responses are presented in the companion paper (Chapter 3). 

4.3. TYPICAL RESPONSES 

The typical responses for the unimproved and improved cases are shown in Figure 

4.2. The analyses are carried out with Loma Prieta (1989) earthquake recorded at 

Gilroy - Gavilan College station and scaled to 0.20g. The typical responses are 

presented for liquefiable soil with SPT (N1)60 = 15 with hydraulic conductivity of 1 x 

10-5 m/s. The liquefiable depth of soil was 9-m having sloping angle (αs) of 2˚. The 

ground improvement is carried out with stone columns having Ar =20%, Gr=5, and 

hydraulic conductivity of stone column (Ksc) having same as hydraulic conductivity 

of liquefiable soil (Ks). Applying equal hydraulic conductivity for stone columns and 

surrounding soil allows isolating reinforcement aspect from drainage aspect of stone 

columns.  

Figure 4.2 shows the time history of ground surface acceleration, excess pore 

water pressure ratio (ru) at 4 m depth, and ground lateral displacements for 

unimproved and improved cases. The peak accelerations at ground surface for 

unimproved and improved soils were 0.40g and 0.47g. The accelerations were 

amplified in both unimproved and improved soils and being higher for improved soil 

than unimproved soil mainly due to dilation effects of stone column. An asymmetric 

transient spiking responses of ground acceleration occurs in negative direction in both 

unimproved and improved soils, which is associated with the incremental dilation of 

sand under cyclic shear stress or cyclic mobility (e.g., Elgamal et al. 2009). More 
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dilation spikes occurred for the improved soil than unimproved soil suggesting more 

dilation of liquefiable soil occurred for improved case than unimproved case for this 

particular example. However, for other ground motions and higher input shaking, due 

to these transient spiking responses, the PGA for unimproved ground motion could be 

higher than improved ground motions. 

Liquefaction is triggered at 4.84 and 4.98 s for the unimproved and improved 

soil, respectively. As the hydraulic conductivity of stone column is same as 

surrounding soil, the effects stone column on ru is solely due to shear reinforcement 

mechanism. In this particular example, stone column is not effective in preventing 

liquefaction triggering in soil though liquefaction triggering is slightly delayed. The ru 

remains elevated for major shaking and started to dissipate for improved soil, while 

remains elevated during whole shaking for unimproved soil. For stone column with 

higher hydraulic conductivity (e.g., 1 x10-2 m/s) the ru dissipated much quickly than 

unimproved soil (Supplement Figure B.1). For both unimproved and improved cases, 

transient dip in ru occurred (shown in Figure 4.2) due to dilation of sand such that 

overall pore pressure decreases. The implication of this transient dip in ru is that 

significant motions is transmitted (as a spiky acceleration response) throughout the 

soil even after the triggering of liquefaction. More spiky responses were achieved for 

high shaking (i.e., PGA > 0.20g). 

Two contour plots of ru for the improved case with Ksc = 1 x10-5 and 1 x10-2 

m/s are shown in Figure 4.3. For Ksc = Ks = 1 x10-5 m/s case (shear reinforcement 

mechanism is dominating), there is little effects on ru and in almost all location ru is 

higher than 0.90, thus stone columns were not effective in preventing liquefaction 
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triggering. However, for Ksc = 1 x10-2 m/s case (drainage mechanism is dominating), 

the ru is lower in the soil near the column and increases away from the column. In 

general, ru is higher in the soil along the direction of shaking than in the region 

perpendicular to the shaking. This is happened due to the higher shear stresses 

attracted by to stone columns and transmitted to the adjacent soil along the direction 

of loading. 

Due to static driving stresses developed (as a gravity component from αs =2˚), 

the lateral displacement increases during whole shaking and remains constant after 

the end of shaking as a permanent lateral displacement. The lateral maximum ground 

surface displacement for improved cases is lower than unimproved cases. For the 

improved case, strong dilation of stone column under the shaking results in the 

negative excess pore pressure and stone column being much stiffer than liquefiable 

soil, the overall lateral displacement decreases. 

Figure 4.4 and Figure 4.5 shows the stress-strain response and stress paths of 

the soil at different locations (as shown in Figure 4.1-b hatched) and stone columns 

for the unimproved and improved cases, respectively. The responses are plotted at 4

m depth. The figures show that the constitutive model can reasonably capture the 

shear strain accumulation after the initiation of liquefaction. The sharp increase in 

shear stresses in the stress-strain relationships are due to dilation induced response of 

loose sand in mild ground slope condition after triggering liquefaction. The soil 

elements at location 1 show almost similar shear stress-strain and stress path behavior 

in both unimproved and improved case. The maximum shear strain in soil is slightly 

lower for improved case (~ 2%) than unimproved case (~ 3%). However, at location 2 
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(away from stone columns along the perpendicular direction to the loading), the shear 

stress-strain behavior is different than unimproved case. The maximum shear strain 

excursion in the soil is ~ 0.3%, which is almost 1 tenth of unimproved soil strain. 

Moreover, the maximum shear strain in the stone column (at location 3) is 

significantly lower (~0.09%) than the surrounding soil. Thus, stone columns help 

reduce the shear strain in the surrounding soil, which in turns helps to reduce lateral 

displacement in the soil as described earlier. However, the stress-path showed that 

effective stress in the stone column also reduces significantly as the excess pore 

pressure developed within stone column do not dissipate due to the low hydraulic 

conductivity used in the analyses.  

4.4. LATERAL DISPLACEMENT RESPONSE 

Figure 4.6 shows the typical maximum lateral displacement responses along depth 

for both unimproved and improved soil with Ar = 20%, Gr = 5, αs = 2˚ obtained from 

10 ground motions scaled at 0.20g. The lateral displacement of improved soil is 

consistently lower than unimproved soil along the depth. The lateral displacement 

reduction is higher near ground surface and decreases at depth greater than 7 m. For 

this particular example, stone column help to reduce ~40% lateral displacement as 

compared to unimproved soil displacement. However, the magnitude and spatial 

extent of the lateral displacement also depends upon several factors such as (N1)60 of 

liquefiable soil, Ar, Gr, depth of liquefiable layer (Hliq), Ks and Ksc, αs, and additional 

vertical stress (Δσavs). Thus to understand the effects of these factors parametric 

studies were carried out for the range of parameters and input motion shaking 
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intensities. Unless mentioned the hydraulic conductivity of stone columns is used as 

equal to the hydraulic conductivity of surrounding soil. 

4.4.1. Effects of shear modulus ratio  

Though stiffer columns help to reduce shear strain and lateral displacement in the 

improved soil, the change in lateral displacement for the range of Gr (2 to 7) is  

relatively low and is not proportional to increase in stiffness (Supplement Figure B.2). 

For example, soil with (N1)60 = 15, Hliq = 9 m, αs = 2˚, Ar = 20% and shaking motions 

at 0.20 g, the average maximum displacement for unimproved case was 0.37 m, while 

for the improved case with Gr of 2, 5, and 7 were 0.22, 0.21, and 0.20 m, respectively. 

On average, the stone columns help to reduce the lateral displacement in surrounding 

soil by 45%. Though slight reduction in lateral displacement is achievable with 

increase in Gr, the major factor is the presence of stone columns itself rather than its 

initial stiffness for the reduction in lateral displacement. 

4.4.2. Effects of area replacement ratio  

The area replacement ratio of stone columns governs the tributary area of the soil 

improved by the stone columns, so higher Ar means stone columns has to reinforce to 

a smaller region of surrounding soil. In practice, typical range of Ar is 10 to 30%, as 

higher Ar > 30% may leads to unfeasible costs for ground improvement. In this study, 

FE modeling was carried out by fixing the diameter of columns and adjusting unit cell 

dimensions.  

Figure 4.7(a) shows the plots of maximum lateral displacement of ground 

surface vs PGA for unimproved and improved cases with Gr = 5 and Ar = 10 to 30%. 

The liquefiable soil having SPT (N1)60 = 15, Hliq = 9 m, and αs = 2˚ are selected. As 
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can be seen from the figure the lateral displacement of unimproved and improved 

soils increases with input shaking intensities. The rate of increase of lateral 

displacement is higher at lower shaking intensity PGA ≤ 0.20g and decreases as the 

input shaking intensity increases. Figure 4.7(b) shows the plots of ratio of relative 

lateral displacement (i.e. lateral displacement for improved soil divided by lateral 

displacement in unimproved soil) vs PGA. It is evident that increasing the Ar 

decreases the lateral displacement of the liquefiable soil even after the triggering of 

liquefaction for the entire range of shaking. Though lateral displacement increases 

with increasing shaking intensity, there is not a significant effect on relative lateral 

displacement ratio with increasing shaking intensity. On average, the lateral 

displacement can be reduced by 30 to 50% for Ar between 10 to 30% for 0.20g 

shaking. It is noted that lateral displacement of the soil is only decreases by 50% from 

Ar = 10 to 30% even though increase in Ar is 300% suggesting no linear correlation 

between lateral displacement reductions with Ar. 

4.4.3. Effects of the relative density of native soil 

The effects of liquefiable soil with SPT (N1)60 =7, 15 and 22 on the lateral 

displacement for both unimproved and improved soil having Ar = 20%, Gr = 5, and αs 

= 2˚ are shown in Figure 4.8. Only shear reinforcement mechanism of stone column is 

taken into consideration (i.e. Ksc = Ks). The increase in the (N1)60 of soil increase the 

liquefaction resistance thereby reducing the maximum shear strain excursion in the 

soil. Hence with higher (N1)60 the overall lateral displacement at ground surface 

decreases. Though the stiffness of stone columns is 5 times higher for all the soils, the 

effects of ground improvement in reducing lateral displacement are higher for loose 
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sand [i.e., (N1)60 = 7] than medium-dense sand as shown in Figure 4.8 (b). In loose 

sand, lateral displacement is reduced by 60% at 0.20 g shaking while for medium-

dense sand reduction is ~40%. The relative reduction in lateral displacement due to 

stone columns is relatively less effective for (N1)60 ≥ 15. On average, the stone 

columns help to reduce the lateral displacement by 40 to 60% for the range of 

liquefiable soil SPT values. 

4.4.4. Effects of liquefiable soil depth 

Liquefiable soil having (N1)60 = 15 with 3, 6, and 9 m thickness and αs = 2˚ improved 

with stone columns having Ar = 20% and Gr = 5 were investigated. The modeling was 

carried out with constant 12 m soil profile depth for all simulations. To achieve this, 

the bottom dense sand layer depth is adjusted to 8, 5, and 2 m for liquefiable soil 

thickness of 3, 6, and 9 m respectively. Figure 4.9 shows the effects of liquefiable 

depth on lateral displacement. As the thickness of liquefiable soil is larger, the total 

soil mass to move after liquefaction also becomes larger, thus overall displacement at 

the ground surface increases. For input motions shaking intensity of 0.20g, the 

average lateral displacements for unimproved soil with 3, 6, and 9 m thickness are 

0.17, 0.30, and 0.37 m, respectively. For improved soils, the lateral displacements are 

0.05, 0.12, and 0.21 m for 3, 6, and 9 m thick liquefiable soil, respectively. The lateral 

displacement decreases significantly for the lower thickness of liquefiable soil as 

shown in Figure 4.9 (b). For lower thickness of liquefiable soil, the slenderness ratio 

(L/D) for the stone column decreases, and the stone columns shear deformation 

behavior increase resulting in better shear stress distribution between stone columns 

and surrounding soil such that shear deformation in the improved soil decreases and 
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hence the lateral displacement. The lateral displacement in the improved soil 

decreases by 40 to 75 % for liquefiable soil thickness of 3 to 9 m. 

4.4.5. Effects of diameter of stone columns 

For the same Ar, ground improvement can be carried out using different diameters of 

stone columns. The diameter of stone columns used in practice varies from 1 to 1.5 

m. For a given length of stone columns, its diameter changes the L/D ratio thereby 

affecting the lateral displacement responses of improved soil. In order to investigate 

the effects of L/D ratio of stone columns, several analyses were carried out using Ar = 

20%, Gr = 5, Hliq = 9 m. The diameters of columns were varied to 0.6, 1.0 and 1.5 m 

resulting in L/D ratios 15, 9 and 6, respectively. The effects of stone columns 

diameters in lateral responses are presented in supplement Figure B.3. As the 

diameter of stone column increases (or L/D decreases) the lateral displacement of 

improved soils decreases. The stone columns having higher L/D ratio may have more 

flexural responses while lower L/D stone columns have more shear responses thereby 

reducing relatively larger displacement than untreated soil. For example, at 0.20g 

input shaking, the lateral displacements of improved soil were 0.24, 0.21 and 0.17 m 

for L/D of 15, 9, and 6, respectively. Thus, for the same Ar and Hliq using bigger 

diameter of stone columns helps to reduce even more lateral displacement. 

4.4.6. Effects of additional vertical stress 

Figure 4.10 shows the effects of vertical loads on the lateral displacement of the soil. 

Analyses were carried out with Δσavs of 0, 50 and 100 KPa [αs = 2˚, (N1)60 = 15, Ar = 

20%, Gr = 5)]. Vertical loads increases the effective stresses in the soil so that the 

liquefaction resistance of the soil increases throughout the depth and effects being 



 

 

 

 

 

 

 

 

 

93 

higher near ground surface. Hence increasing the vertical loads decreases the lateral 

displacements in both unimproved and improved cases for the entire range of 

shaking. The lateral displacement is lower in improved cases than the unimproved 

case because of the presence of stone columns that provides shear reinforcement 

effect. The relative lateral displacement ratio between unimproved and improved soils 

decreases with the increases in shaking intensity as shown in Figure 4.10 (b). At 

lower shaking intensity (PGA ≤ 0.20g), the vertical confining stresses helps to 

prevent liquefaction triggering but at larger shaking intensity (i.e., PGA ≥ 0.40g) 

liquefaction triggered which results in higher lateral displacements. For the additional 

vertical stress of 100 kPa, the lateral displacement in the improved soil can be 

decreases by 70 to 95 % as compared to unimproved soil.  

4.4.7. Effects of slopes  

The lateral displacement of the soil increases with the increase in slope for both 

treated and untreated ground. Parametric analyses were carried out with αs =2˚ to 8˚, 

(N1)60 = 15, Ar = 20%, and Gr = 5. The stone columns help to reduce the lateral 

displacement of soil for the entire range of shaking intensity and slightly higher 

reduction for higher shaking intensity. However, as the slope increases, the stone 

columns are less effective in reducing the lateral displacements as shown in 

supplement Figure B.4. For αs = 8˚, stone columns reduces the lateral displacement by 

only 25 to 30% as opposed to 40 to 50% for αs = 2˚. This may be due to the higher 

static driving stresses for higher slope, which causes early occurrence of liquefaction 

even in improved soils. Thus, the overall lateral displacement for improved soil is 

close to the lateral displacement of unimproved soil.  
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4.4.8. Effects of stone columns drainage and soil’s hydraulic conductivity 

In reality, Ksc is several times higher than Ks and hence they provide radial drainage 

path for dissipating excess pore pressure generated in surrounding soil. In all 

parametric studies discussed earlier the radial drainage aspects of stone columns were 

not included by providing equal hydraulic conductivity for stone columns and 

surrounding soil. However, for both unimproved and improved soil vertical drainage 

was allowed at ground surface (i.e., zero pore pressure was prescribed at ground 

surface). In order to investigate the effects of drainage of stone column additional 

parametric studies were carried out with appropriate hydraulic conductivities of stone 

columns. Furthermore, the hydraulic conductivity of liquefiable soils was also varied 

to simulate the range of different liquefiable soils (e.g., sand, silty sand and silt).  

In this study, Ks were assigned as 1x10-7, 1x10-5, and 1x10-4 m/s representing 

silt, silty sand, and clean sand, respectively. The typical Ksc for clean gravel observed 

in field is about 1x10-2 m/s (e.g., Boulanger et al. 1998). For the parametric study, Ksc 

varied from 1x10-3 to 1x10-1 m/s. The lower value of Ksc represents the drainage 

impedance of stone columns due to the intermixing soil and higher values represent 

the ideal conditions for drainage conditions for dissipating excess pore water 

pressure. Figure 4.11 shows the effects of hydraulic conductivity of soil and stone 

columns on the lateral displacement for soil for unimproved and improved cases. The 

results are presented for soil with (N1)60 = 15, Hliq = 9 m, αs = 2˚ improved with stone 

columns having Ar = 20% and Gr = 5. 

For silt, effects of Ksc were not found on the reduction of lateral displacement 

in the soil [Figure 4.11 (a-b)]. For all motions with PGA > 0.10g, the soil gets 
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liquefied even with Ksc = 1x10-1 m/s. The change in unimproved and improved lateral 

displacement is mainly due to the reinforcement by the columns rather than drainage 

mechanism. This is because the excess pore pressure in the soil farther away from 

stone columns does not dissipate quickly due to low Ks and thus soil get liquefied 

even for larger values of Ksc. 

For silty sand, benefits of higher Ksc can be seen in reducing the lateral 

displacements [Figure 4.11 (c-d)]. The lateral displacement is reduces as Ksc 

increases. The relative lateral displacement ratio is significantly lower than silt though 

the initial stiffness for both silt and silty sand were same.  

For clean sand, lateral displacement of the improved soil is significantly 

affected by Ksc. Higher value of Ksc results in higher reduction in lateral displacement 

[Figure 4.11 (e-f)]. The lateral displacement of unimproved clean sand is lower than 

for and silty sand, therefore stone columns Ksc = 1x10-3 m/s results shows slightly 

higher values for relative lateral displacement ratio. Nevertheless, on average, 20 to 

90 % lateral displacement can be reduced for different values of Ksc. It is noted that at 

low input motion shaking intensities (PGA ≤ 0.20g), both unimproved and improved 

soil may not liquefied due to drainage mechanism of stone columns and relatively 

higher hydraulic conductivity for clean sand. Nevertheless, it can be seen that 

improved soil consistently shows less lateral displacement than unimproved soil. 

The results from parametric study suggested that the drainage mechanism of 

stone columns not only depends upon its hydraulic conductivity of stone columns but 

mainly depends upon the hydraulic conductivity of surrounding soil as shown in 

Supplement Figure B.5 for input PGA = 0.20g. Thus, drainage mechanism of stone 
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columns is only effective for clean sand than silty soil and ineffective for silt 

(regardless of Ksc) in terms of reducing post-liquefaction lateral displacements as also 

found by other researchers (e.g., Elgamal et al. 2009; Asgari et al. 2013). 

4.4.9. Effects of stone columns densification  

In clean sand or sand with low fines content, stone columns installed by vibro-method 

densify the soil. Densification of soil near the stone columns is higher and reduces 

farther away from the columns such that liquefaction resistance of the soil varies 

laterally away from the column. To understand the effects of spatial distribution of 

(N1)60 of soil on the lateral displacement, further analyses were carried out. For 

improved cases, two configuration of spatial distribution of (N1)60, SD1 and SD2 as 

shown in Figure 4.1, were investigated. The soil profile and ground improved consists 

of Hliq = 9 m, Ar = 20% and Gr = 5 for αs = 2˚. The SD1 configuration of improved 

soil consists of three zones medium-dense sand with (N1)60 = 22, medium-dense sand 

with (N1)60 =15, and loose sand with (N1)60 = 7 occupying 26, 35, and 19% relative 

area, respectively. The SD2 configuration consists of medium-dense sands having 

(N1)60 = 22 and 15 with relative area of 43 and 37 %, respectively. The SD1 and SD2 

configuration have area weighted average (N1)60 of 15.4 and 18.8, respectively 

Figure 4.12 (a) shows the comparison of lateral displacement obtained 

improved soil with uniform (N1)60 of 7, 15, and 22, and spatial configuration SD1 and 

SD2, while Figure 4.12 (b) shows the relative lateral displacement ratio computed 

based on unimproved soil with(N1)60 = 7. The general trend of SD1 and SD2 similar to 

that of uniform ground improvements. Since the area weighted average SPT of SD1 is 

~15, the trends of lateral displacements close to that of uniform improvement with 
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N1)60 = 15 case. This suggest that even though the ground improvement helps to 

significantly densify the soil located near the stone columns, the lateral displacement 

is governed by area weighted SPT value. Similar trends were found for SD2 

configuration, in which the lateral displacement responses follows the trend in 

between (N1)60 of 15 and 22 as the area weighed average SPT of SD2 configuration is 

18.8. In construction practice, ground improvement due to stone columns is assessed 

by measuring pre- and post- treatment SPT values at farthest location from the center 

of stone column. However, in some cases, measuring the SPT at the farther location 

from stone columns may not represents the actual level of ground improvement 

achieved in the site and may result uneconomical design. Based on these numerical 

analyses results, SPT value computed by taking area weighted average gives a 

reasonable estimate for extend of ground improvement by stone columns using 

densification mechanism at least in terms of estimating the post-liquefaction lateral 

displacements. Thus, taking weighed average method can be used as a proxy to 

estimate the level of improvement occurred due to installation of stone columns. 

4.5. SETTLEMENT RESPONSE 

Figure 4.13 shows the time history of settlement responses for unimproved and 

improved soil with (N1)60= 15, Hliq= 9 m, Ar= 20%, Gr = 5, and αs = 2˚ with different 

Ksc. The time history results are shown for Loma Prieta (1989) earthquake motion 

scaled to 0.20g. For both improved and unimproved cases the settlement predicted are 

very small as opposed to value suitable for the liquefiable soil with similar depth. In 

loose to medium-dense sand, the volumetric strain after liquefaction can be as high as 

2 to 3% (Kramer 1996), resulting in significant vertical settlement in fully liquefied 
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ground. The current version of constitutive model cannot simulate post-liquefaction 

settlement (Elgamal et al. 2003) and particle sedimentation phase thus the settlements 

were always under predicted (i.e., less than 0.03% of layer thickness for unimproved 

soil). The plots of settlement vs PGA and relative settlement vs PGA for unimproved 

and improved cases are presented in supplement Figure B.6. Improved soil with Ksc = 

Ks, the settlement is reduced by 30% at 0.20g shaking intensity, which is closer to the 

settlement reduction by stone column obtained using centrifuge testing by Adalier et 

al. (2003). As the current version of the constitutive model cannot simulate post-

liquefaction settlement well, the settlements with higher Ksc were more than 

unimproved soil. Thus, more robust modeling is needed to accurately capture the 

settlement time history and permanent settlement.  

4.6. DISCUSSION 

Ground improvement may lead to higher ground surface acceleration (as shown in 

Figure 4.2) due to reinforcement effect of stone columns, which may leads to the 

higher seismic demands on the superstructure. Proper attention should be made in 

terms of evaluating the seismic demands on the structures build on ground 

improvement site.  

Even though liquefaction triggering may occur in the improved ground with 

stone columns, the permanent lateral displacement can be reduced significantly. The 

lateral displacement of the soil tends to increase with the increase with the shaking 

intensity. The rate of increase in lateral displacement is higher for untreated ground as 

compared to treated one. 
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Depending on soil conditions and the design consideration, the permanent 

lateral displacement can be reduce by using adjusting Ar, Gr, L/D ratio, and vertical 

loads. Higher value of Ar can be used to limit the lateral-spreading of soil however; 

cost of the project may prohibit the use of higher Ar > 30% for stone column. 

Furthermore, higher value of Ksc also gives better results on lateral displacement but 

controlling the intermixing of surrounding soil may cause significant challenge or 

sometime may be impossible. Furthermore, combination of increase in Ar and higher 

hydraulic conductivity of stone column also helps to reduce more lateral displacement 

of soil. 

For the post-treatment quality assessment of ground improvement, weighted 

average SPT values can be used as proxy to quantify overall densification achieved. 

Rather than taking measurement at farther location which results in conservative 

estimate, measuring the SPT at discrete points (away from the columns) and taking 

the weighted average results in reasonable estimate. The results presented here shows 

significant reduction in lateral responses for a range of parameters however; site 

specific analyses using OpenSees may be warranted for important projects. 

4.7. SUMMARY AND CONCLUSIONS 

This paper investigates the shear reinforcement, drainage and densification aspects of 

stone columns on resisting liquefaction triggering and related deformation in 

cohesionless soil (sand and non-plastic silt) using numerical analyses. OpenSees is 

used for conducing 3D nonlinear finite element analyses of unit cell treated with 

stone columns. An effort has been made to separate the shear reinforcement and 

drainage mechanisms of stone columns by assigning equal hydraulic conductivity for 
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stone column same as that of surrounding soil so that stone column do not provide 

any faster drainage path for excess pore pressure dissipation. Furthermore, the spatial 

distribution of (N1)60 occurred during the installation of stone column, particularly for 

densification aspects were also investigated. The numerical results were discussed in 

terms of lateral displacement responses and relative lateral displacement ratios. 

Based on the numerical analyses results following conclusions were made 

1) Although shear reinforcing mechanism of stone columns does not prevent the 

liquefaction triggering of soil, they are effective in reducing lateral 

displacement of the site. 

a.	 It is found that the presence of column is important for reducing 

lateral displacement so that almost same extend of lateral displacement 

is reduced by different shear stiffness of the stone columns. However, 

higher Ar for stone columns has relatively significant effects on 

reducing lateral displacement. 

b.	 Stone columns are relatively more effective in reducing lateral 

displacement for liquefiable soil having lower SPT value than 

liquefiable soil with higher SPT values. 

c.	 The stone columns having lower L/D ratio tends to significantly reduce 

the lateral displacement as compared to higher L/D columns.  

2) The drainage mechanism of stone columns not only depends upon its 

hydraulic conductivity but also depends upon the hydraulic conductivity of 

surrounding soil. The hydraulic conductivity of stone columns has no effect 

on the lateral displacement if the surrounding soil has relatively low hydraulic 
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conductivity (e.g., silt). However, under low shaking intensity when the 

surrounding soil is relatively permeable such as clean sand, then stone 

columns with relatively higher hydraulic conductivity than surrounding soil 

can significantly reduce the lateral displacement.  

3) During the installation of the stone columns, the (N1)60 of treated soil varies 

spatially and depends upon the distance from center of stone column. It is 

found that the lateral displacement obtained from spatially varied soil is 

similar to that of uniformly densified soil having (N1)60 equivalent to the 

value computed by taking area weighted average of spatially varied (N1)60. 

4)	 Effects of stone column on settlement analyses show some reduction in 

settlement as compared to that of untreated soil. However, the constitutive 

model does not replicate settlements well so further work is needed to develop 

a better constitutive model improving cyclic loading and increasing 

performance to predict liquefaction induced sedimentation settlement. 



102 

loading direction 

dense sand 
2 

3 loose sand 

stone column 
1 

(i) uniform distribution 

loose sand 

A A medium-dense sand 
loose sand medium-dense sand 

(ii) spatial distribution 1 

medium-dense sand Ydense sand 
medium-dense sand 

X (iii) spatial distribution 2 

a) FE model elevation	 b) FE model plan -section at A-A 
with different spatial distribution  

 

Figure 4.1: FE model with soil layers configuration in elevation and plan-section 
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Figure 4.2: Typical response for unimproved soil [with Ks= 1x 10-5 m/s, (N1)60 = 
15, and Hliq = 9 m] and improved soil (with Ksc =Ks= 1x 10-5 m/s, Ar = 20%, and Gr 

= 5) at sloping ground (αs = 2˚) under Loma Prieta (1989) earthquake as input 
motion scaled to 0.20g 
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FFigure 4.3: CContours oof ru at 4 mm depth forr improved soil treatedd with stonne 
coolumns [with (N1)60 = 15, Hliq = 9 m, αs = 22˚, Ar = 20%%, and Gr = 5] for twwo 
hydraulic coonductivity of stone collumn: (a) plots for Ksc = Ks= 1 x 110-5 m/s, annd 
(bb) plots for Ksc = 1 x 10-2 m/s. 
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Figure 4.4: Plots of soil element responses for unimproved soil [for (N1)60 = 15, 
Hliq = 9 m, αs = 2˚] at location 1: (a) plot of shear stress vs strain and (b) plot of 
shear stress vs effective stress  
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Figure 4.5: Plots of shear stress vs strain and shear stress vs effective stress  of 
soil elements in improved soil [for (N1)60 = 15, Hliq = 9 m, αs = 2˚ , Ar = 20%, and 
Gr = 5 ]: (a-b) in liquefiable soil at location 1; (b) in liquefiable soil at location 2; 
and (c) in stone column at location 3 
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Figure 4.6: Plot of maximum lateral displacement vs depth for 10 ground 
motions scaled at 0.20g [for (N1)60 = 15, Hliq = 9 m, αs = 2˚, Ar = 20%, and Gr = 5]: 
(a) absolute maximum lateral displacement vs depth for unimproved and 
improved soil, and (b) relative lateral displacement vs depth between improved 
and improved soil 
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Figure 4.7: Effects of Ar on lateral displacements for different shaking intensities 
[for (N1)60 = 15, Hliq = 9 m, αs = 2˚, and Gr = 5]: (a) absolute maximum lateral 
displacement, and (b) relative lateral displacement  
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Figure 4.8: Effects of liquefiable soil SPT values on lateral displacements for 
different shaking intensities [for Hliq = 9 m, αs = 2˚, Ar = 20% and Gr = 5]: (a) 
absolute maximum lateral displacement, and (b) relative lateral displacement 
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Figure 4.9: Effects of Hliq on lateral displacements for different shaking 
intensities [for (N1)60 = 15, αs = 2˚, Ar = 20% and Gr = 5]: (a) absolute maximum 
lateral displacement, and (b) relative lateral displacement 



 

 

   

  

111 

Figure 4.10: Effects of additional vertical stress on lateral displacement for 
different shaking intensities [for (N1)60 = 15, Hliq = 9 m, αs = 2˚, Ar = 20%, and Gr 

= 5]: (a) absolute maximum lateral displacement, and (b) relative lateral 
displacement 
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Figure 4.11: Effects of Ksc on absolute maximum lateral displacement and 
relative lateral displacement responses for different liquefiable soil at different 
shaking intensities [for (N1)60 = 15, Hliq = 9 m, αs = 2˚ , Ar = 20%, and Gr =5]: (a-
b) plots for silt soil with Ks = 1x 10-7 m/s; (c-d) plots for silty sand with Ks = 1x 10-

5 m/s; and (e-f) plots for clean sand with Ks = 1x 10-4 m/s 
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Figure 4.12: Effects of spatial distributions of (N1)60 on lateral displacements 
[Hliq =9 m, αs = 2˚ , Ar = 20%, and Gr = 5]: (a) absolute maximum lateral 
displacement, and (b) relative lateral 
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Time history plots of settlement responses for both unimproved Figure 4.13: 

and improved soil with different Ksc [for (N1)60 = 15, Hliq = 9 m, αs = 2˚, Ar = 20%,
 
and Gr = 5] 
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5.1. INTRODUCTION 

Liquefaction of cohesionless soils and liquefaction-induced deformations lead to 

significant damages to foundations of buildings, bridges, and other structures during 

earthquakes (e.g., GEER 2010, 2011a, 2011b). Liquefaction can be remediated by 

densification of in-situ soils (e.g., using stone columns, deep dynamic compaction, 

vibro-compaction, compaction piles), providing shorter drainage path for faster 

excess pore pressure dissipation (e.g., using gravel or prefabricated drains), 

reinforcing the soil to reduce the seismic stresses and strains in soils (e.g., using stone 

columns, cement soil mixing, jet grouting), or removing and replacing the liquefiable 

soils with competent soils (Mitchell 2008). 

Soil-cement columns or grids constructed by cement deep soil mixing (DSM), 

jet grouting or other methods (e.g., stone columns) are considered effective for 

mitigating liquefaction in silty soils by shear reinforcement mechanisms (Baez 1995, 

Adalier and Elgamal 2004, Mitchell 2008). Saturated silty soils are difficult to densify 

or drain rapidly due to their lower hydraulic conductivity, so densification and 

drainage techniques of improvement are often ineffective. 

The shear reinforcing mechanism of soil-cement columns (or stone columns) 

is often estimated based on the assumption that the column and surrounding soil 

would have shear strain-compatible deformation. For that assumption, the stiffer 

columns (i.e., 5 to 7 times stiffer than the untreated soil for stone columns, up to 100 

times stiffer for soil-cement columns) would attract higher seismic shear stresses, 

thereby reducing cyclic stress ratios in the surrounding soil and reducing the potential 

for triggering of liquefaction (Baez 1995, Durgunoglu 2006). Theoretical analyses 
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(e.g., Goughnour and Pestana 1998) and 2-D and 3-D numerical simulations (e.g., 

Green et al. 2008, Olgun and Martin 2008, Rayamajhi et al. 2014) suggest, however, 

that the discrete columns not only deform in shear but also in flexure such that the 

benefits from shear reinforcement are significantly diminished. The 3-D finite 

element simulations of a unit cell by Rayamajhi et al. (2014) found that shear strain 

incompatibility increases as the stiffness of the discrete columns increases and that 

shear stress reductions of only 10 to 30% are achievable for realistic ranges of area 

replacement ratio (Ar = Ac/At, where  Ac = area of the columns, At=total area) and 

shear modulus ratio (Gr = Gc/Gs, where Gc = shear modulus of column, Gs= shear 

modulus of soil) for soil-cement columns. 

Experimental data and field case histories for evaluating the reinforcement 

mechanisms of discrete columns in soft or liquefiable soils are limited. Adalier et al. 

(2003) conducted four centrifuge tests to evaluate the overall reinforcing effects (i.e., 

ignoring densification and drainage aspects) due to stone columns in non-plastic silty 

soils with a relative density (Dr) of about 40%. They found that even though stone 

columns did not help prevent liquefaction near the ground surface, the post-

liquefaction settlement was reduced as much as 50% as compared to the unimproved 

case. However, no conclusions were made regarding the deformation modes for the 

stone columns, the degree of shear strain compatibility between the columns and 

surrounding soil or the extent of shear stress reductions for the improved cases. 

Martin et al. (2004) reported the performance of a shopping complex site underlain by 

soft fine-grained silts and clays during the Kocaeli (1999) earthquake in Turkey. The 

improved areas were treated with isolated 0.60-m diameter jet grout columns spaced 
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2-m apart giving an Ar = 7%. No structural or ground surface settlements were 

observed in the treated areas as compared to 5-10 cm settlement observed in an 

unimproved area. These limited experimental and case history data do not provide 

sufficient information to quantify the shear reinforcement mechanism of soil-cement 

columns for site stiffening or reducing the potential of liquefaction triggering in 

improved soils. 

In the present study, a series of dynamic centrifuge tests were conducted to 

investigate the reinforcing mechanisms of soil-cement columns in liquefiable soils. 

The centrifuge tests involved loose sand profiles with and without columns. In the 

following sections, the centrifuge models and testing programs are described. 

Recorded responses from the tests are discussed, focusing on the reinforcing effects 

of the columns as reflected in the acceleration, pore pressure generation and 

settlement responses of the soils. The soil profiles' effective natural frequencies and 

stress-strain responses are derived from processing of the recorded dynamic responses 

and the reinforcing effects deduced are discussed. Finally, the findings and 

implications for practice using cement-soil columns for treating liquefiable soils are 

summarized. 

5.2. CENTRIFUGE TESTS 

5.2.1. Centrifuge testing program 

Four tests were performed using the 1-m radius centrifuge at the NEES @ UC Davis 

facility and the data were archived for distribution (Rayamajhi et al. 2014b). All tests 

were performed in a hinged-plate model container developed by Fiegel et al. (1994). 

The inner dimensions of the container in model scale were 0.38 m length, 0.20 m 



 

  

 

 

 

119 

width, and 0.21 m height. A thin rubber membrane 0.003-m thick was attached inside 

the container’s base and walls to make it water tight. All the models were constructed 

on the top of this membrane and tested at a 50g centrifugal acceleration field. The 

recorded data from the centrifuge tests and dimensional model scale parameters were 

converted into prototype units according to the scaling laws described by Schofield 

(1981). All data are presented in prototype units unless otherwise specified. 

The four models consisted of two with unimproved soil profiles (Models 1 

and 3) and two improved with columns (Models 2 and 4). The soil profiles consisted 

of 6 m of loose Nevada sand (Dr ≈ 35-40%) overlain by 2 m of coarse medium dense 

Monterey sand (Dr ≈ 60%) and underlain by either: (1) 2 m of coarse dense Monterey 

sand (Dr ≈ 90%) in Models 1 and 2, or (2) 2 m of cemented Monterey sand in Models 

3 and 4. The cemented Monterey sand layer was used to simulate a rock base 

condition for Models 3 and 4. The columns in Model 2 extended from the ground 

surface to the top of the dense Monterey sand layer, as shown in Figure 5.1, where 

they were relatively free to rock (i.e., floating type). The columns in Model 4 

extended from the ground surface down through to the base of the cemented sand 

layer to obtain a relatively fixed-base condition (i.e., fixed type). The configurations 

of Models 1, 3 and 4 are presented in Supplement Figure C.1 to Figure C.3. The water 

table was located at ~1.5 m below the ground surface for all four models. Typical 

properties of the Nevada sand and Monterey sand used in these experiments are 

provided in Table 5.1. 

The fabrication of the soil-cement columns and cemented Monterey sand layer 

are presented in Rayamajhi et al. (2014b). Ordinary Portland cement was mixed with 
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10% by weight Nevada sand and a water-cement ratio of 2.6 to construct columns for 

the targeted unconfined compressive strength of 1 MPa in 7 days. In both Models 2 

and Model 4, the prefabricated soil cement columns were 1.75-m in diameter and 

arranged in a 3x 6 rectangular grid with a center-to-center spacing of 2.8-m, giving an 

Ar ≈ 30%. For Models 3 and 4, the cemented base layers were constructed by mixing 

ordinary Portland cement with 20% by weight Monterey sand at a water-cement ratio 

of 0.9. In Model 4, the pre-fabricated columns were placed in grid patterns and the 

mixture of cemented Monterey sand poured around the columns to cast the cemented 

base layer. 

The soil profiles were constructed to the top of the Nevada sand layer using 

dry pluviation and then saturated outside the centrifuge arm using a vacuum chamber. 

The models were flushed with 3 cycles of carbon dioxide gas and vacuumed after 

each cycle of carbon dioxide flushing. The models were then saturated with a de-aired 

mixture of methyl-cellulose and de-ionized water having a viscosity about 30 times 

higher than that of pure water. It is noted that even though fluid viscosity was not 50 

times higher than water, the results will not significantly affect the purpose of this 

study (i.e., investigating reinforcement mechanism of columns). Hydraulic 

conductivities of soil were 1.67 times higher than the actual values at 50g, which may 

resulted in slightly faster pore pressure dissipation than actual one. However, 

reduction in fluid viscosity helped decreasing the saturation time from ~72 hours to 

~18 hours. 
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The top medium dense Monterey sand layer was then placed by dry pluviation 

after completing the saturation of the loose Nevada sand layer. Any remaining 

instrumentation was then mounted and the model transferred to the centrifuge arm. 

5.2.2. Instrumentation 

Models were instrumented with accelerometers, pore pressure transducer (PPTs), 

linear potentiometers (LPs), and linear miniaturized potentiometers (LMPs) as 

described in the data report by Rayamajhi et al. (2014 b). The instrument layouts are 

shown in Figure 5.1 for Model 2 and Figure C.1 to Figure C.3 for Models 1, 3, and 4. 

MEMS accelerometers were attached to the columns to record acceleration responses 

and enable back-calculation of column rotations relative to the cemented base. At 

least three PPTs (P1 - P3) were placed in the loose Nevada sand to record the pore 

water pressure generated during tests. Three LPs (LPV1 - LPV3) were used in Models 

1 and 3 (unimproved cases) to record the ground surface settlement. Five LPs (LPV1 -

LPV5) were used in Models 2 and 4 (improved cases) to record ground surface and 

soil-cement column settlements. Four LMPs (LPH1 - LPH4) were used in all models 

to measure the lateral displacements of the rings of the hinge-plate container.  

5.3. INPUT MOTIONS 

All models were shaken with the same sequence of 16 shaking events consisting of 

seven sine sweeps and nine earthquake motion events of varying intensity. The sine 

sweep motions contained thirty frequencies between 1 and 7 Hz (progressing from 

higher to lower frequencies), with 7 cycles of motion at each frequency, such that the 

recorded responses provided relatively clear identification of the soil profiles' 
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effective natural frequencies (as discussed later). The peak horizontal accelerations at 

the base of the container during the sine sweep motions ranged from 0.03 to 0.05g, 

which were small enough to not generate notable excess pore water pressures (i.e., ru 

< 0.03). The earthquake motions were scaled versions of the recording at station 

TCU078 E during the 1999 Chi-Chi earthquake, but with high-pass filtering to 

remove low-frequency displacements that were outside the range of the shaking 

table's capacity. The normalized power spectral density vs frequency plot for both 

unfiltered and filtered motions are provide in Supplement Figure C.4. The three 

stronger "TCU_EW" events were shake 8 (peak base acceleration, PBA = 0.13g), 

shake 11 (PBA = 0.54g), and shake 14 (PBA = 0.74g), whereas the six other 

TCU_EW events had PBA of 0.07g or less. Sufficient time was allowed (~15 min) 

after each shaking event to fully dissipate any excess pore pressures, although 

significant pore pressures were only generated in shakes 8, 11, and 14. Shaking 

protocols with different motions and PBA for all four models are provided in 

Supplement Table C.1. 

5.4. RECORDED RESPONSES FOR MODELS 1 AND 2 (DENSE SAND AS 

BASE LAYER) 

5.4.1. Shake 8 – Strong shaking without liquefaction triggering 

The dynamic responses of Models 1 and 2 during shake 8 (ECU_EW motion with 

PBA ≈ 0.13g) correspond to relatively strong shaking without liquefaction triggering. 

Shake 8 was the first motion with a PBA greater than about 0.07g and the first to 

produce significant excess pore pressures (i.e., ru = 0.42 to 0.73). The acceleration, 

excess pore water pressure (EPWP), settlement, and lateral displacement (top ring) 
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time history responses are shown in Figure 5.2 and Figure 5.3 for Models 1 and 2, 

respectively. The peak horizontal accelerations (PHA) were amplified up through the 

soil profile, reaching values of 0.15g and 0.23g at the soil surface in Models 1 and 2, 

respectively. In Model 2, the PHA on top of the columns was 0.28g, which is 20% 

greater than on the surrounding soil. Overall, the presence of the columns in Model 2 

produced an average PHA at the ground surface that was about 60% greater than 

observed in Model 1 without columns. 

The EPWP ratios (ru = Δu/σ' vo; where Δu = EPWP, σ' vo = initial vertical 

effective stress) reached peak values of 0.73 at 4 m depth in Model 1 and 0.50 at a 

similar depth in Model 2. This result suggests that the columns in Model 2 helped 

reduce the peak EPWP in the surrounding soil.  

The average soil surface settlements (average of three LPV measurements) 

were about 2.0 cm in Model 1 and 2.8 cm in Model 2, and the average settlement of 

the columns in Model 2 was only 0.3 cm. The occurrence of greater soil surface 

settlements in Model 2, despite having lower ru, values suggests that the dynamic 

interactions of the soil profile and columns may include a number of competing 

influences, as discussed later. 

The soil surface horizontal displacement time histories computed from 

integration of accelerometer records were in reasonable agreement with the measured 

container ring displacements. The maximum horizontal displacement at the top 

container ring was 2.6 cm for Model 1 and 2.0 cm obtained from Model 2. No 

significant permanent lateral displacements were observed after the end of shaking, as 

expected for this level ground condition. 
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5.4.2. Shake 11 – Strong shaking with liquefaction triggering 

The dynamic responses of Models 1 and 2 during shake 11 (ECU_EW motion with 

PBA ≈ 0.55g) correspond to strong shaking with liquefaction triggering. The 

acceleration, EPWP, settlement, and lateral displacement (top ring) time histories are 

shown in Figure 5.4 and Figure 5.5 for Models 1 and 2, respectively. The PHAs at the 

ground surface were 0.24g and 0.39g in Models 1 and 2, respectively, which are both 

smaller than their common PBA of about 0.54 g. The PHA at the ground surface 

between the columns in Model 2 was about 50% greater than in Model 1, and the 

PHA at the top of the columns in Model 2 (0.59g) was about 50% greater than on the 

soil between the columns. The acceleration time series exhibit characteristics 

expected in soil profiles that have liquefied; e.g., the accelerations in and above the 

loose sand layer attenuate significantly after the time of about 15s during shaking for 

both models, whereas accelerations in the dense sand (8 m depth) remain strong 

which is consistent with the higher cyclic strength and lower strain potential for such 

dense soils. 

For both models, the EPWP ratios reached peak values of ru = 1.0 (i.e., EPWP 

= σ' vc) early in shaking and remained constant for the duration of strong shaking 

(Figure 5.4 and Figure 5.5). The EPWPs began dissipating after the end of strong 

shaking (time ~40 s in Figure 5.4 and Figure 5.5), with the dissipation being faster in 

Model 2 than in Model 1. The faster rate of dissipation for Model 2 suggests that 

preferential seepage paths may have formed along the sides of the columns.  

The average soil surface settlements were about 9.4 and 10.3 cm for Models 1 

and 2, respectively, and the average settlement of the columns in Model 2 were only 
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2.7 cm. The soil surface settlement was slightly greater for the improved profile 

(Model 2) than the unimproved profile (Model 1), as was observed in shake 8. The 

settlement of the columns was, however, 70% smaller than that of the unimproved 

soils in Model 1.  

The maximum horizontal displacement at the top container ring was about 3.2 

cm for both Models 1 and 2. These comparable horizontal displacements imply 

comparable average shear strains in the soil profiles, which is consistent with the 

development of comparable EPWPs throughout the two models.  

5.5. RECORDED RESPONSES FOR MODELS 3 AND 4 (CEMENTED SAND 

AS BASE LAYER) 

The dynamic responses of Models 3 (unimproved) and 4 (improved) with cemented 

sand as the base layer were similar to those of Models 1 and 2, respectively, for all 

shaking events except as noted below. The acceleration, EPWP, settlement, and 

lateral displacement (top ring) time history responses are shown in Supplement 

Figure C.5 through Figure C.8 for Models 3 and 4 during shakes 8 (PBA ≈ 0.14g) and 

shake 11 (PBA ≈ 0.59g). 

The dynamic responses of Models 3 and 4 during shake 11 again showed that 

liquefaction and its effects were only slightly affected by the presence of the columns, 

even though the columns were now fixed at their bases. The EPWP ratios in both 

models reached peak values of ru =1.0 early in shaking and remained constant 

throughout most of the strong shaking. The EPWPs again dissipated more rapidly in 

the improved model. The average soil surface settlements were 11.5 and 12.2 cm for 

Models 3 and 4, respectively, and the average settlement of the columns in Model 4 
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were essentially zero. The horizontal accelerations at the tops of the columns were 

greater than observed in Model 2 (dense sand as the base layer) which is consistent 

with the expected effect of fixing the column bases. The maximum horizontal 

displacement at the top container ring was about 3.6 and 2.3 cm for Models 3 and 4, 

respectively, with the smaller displacement in Model 4 again being consistent with 

the expected benefits of fixing the column bases. 

5.6. RESIDUAL ROTATIONS OF SOIL-CEMENT COLUMNS AFTER 

SHAKING EVENTS 

The residual rotations of soil-cement columns in Models 2 (floating column bases) 

and Model 4 (fixed column bases) were compared across all 16 shaking events to 

evaluate the effect of the column base fixity. MEMS accelerometers m1, m2 and a9 

(locations shown in Figure 5.1) were used for estimating the permanent cumulative 

rotations (Rθ) of three columns after each shaking event. Permanent cumulative 

rotations were computed from the shift in baseline acceleration before and after 

shaking, as 

 a − a  180 −1 f iR = sin  (5.1)θ  ⋅ 
g π 

where ai and af are measured accelerations before (initial) for first shaking and after 

(final) for each shaking, respectively. 

The cumulative Rθ for these three columns versus shaking events are plotted 

in Figure 5.6a and Figure 5.6b for Models 2 and 4, respectively. The PBAs for each 

shaking event are plotted in Figure 5.6c. Incremental changes in column rotations for 

either model were generally associated with the three stronger shaking events (shakes 
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8, 11, and 14) and were insignificant for the remaining low-shaking shaking events 

(PBAs less than about 0.07g). Shaking event 8 (PBA ≈ 0.13g) caused permanent 

column rotations of up to 0.20 degrees in Model 2 compared to only 0.10 degrees in 

Model 4. After shaking event 11 (PBA ≈ 0.46g; first liquefaction event), the 

permanent rotations had increased to as much as 0.63 degrees in Model 2 compared 

to only 0.16 degrees in Model 4 (PBA ≈ 0.60g). After shaking event 16 (with 

liquefaction having occurred again in shake 14), the residual rotations had increased 

to as much as 0.77 degrees in Model 2 compared to only 0.26 degrees in Model 4. 

Column rotations in Model 4 are controlled by shear and flexural deformations in the 

columns themselves, because the socketed base condition restricts any base rocking.. 

Column rotations in Model 2 can include contributions from rocking (rotating) of the 

column base on the dense sand, which is consistent with the column rotations being 

greater than those in Model 4. All of the columns in Model 4 were found to be 

cracked at their bases upon excavation after testing; this cracking is suspected to have 

occurred during shake 11 or 14 (both liquefaction events) and thus the effectiveness 

of the columns as shear reinforcements would have been diminished after that 

cracking occurred. However, the cracks were very limited (i.e., single cracks across 

the column bases) and showed no signs of permanent or residual offsets of columns 

upon excavation after testing. Thus, the cumulative rotations of the columns in Model 

4 are lower than in Model 2 because of limited cracking and potential partial fixity 

due to friction between crack portions of the column. 
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5.7. DYNAMIC STRESS-STRAIN RESPONSES FOR UNIMPROVED AND 

IMPROVED SOIL PROFILES 

Dynamic shear stress and shear strain time series were computed at different depths 

in each model using the data from the vertical accelerometer arrays. These analyses 

assumed a 1-D shear beam condition and used the procedures presented in 

Brandenberg et al. (2009) and Kamai and Boulanger (2012). Shear strains were 

computed by double integrating the accelerations to obtain horizontal displacements, 

and then differentiating those displacements with respect to depth to get the shear 

strain. This differentiation was performed using a weighted residual method 

(Brandenberg et al. 2009). The accelerations were applied with high pass Butterworth 

filter having order of 4 and corner frequency (fc) of 0.3 Hz, which gave reasonable 

displacement (i.e., less distortion in displacement time history responses). Application 

of this method to Models 2 and 4 produces shear stress and shear strain values that are 

averages for the composite behavior of the improved soil profiles. These average 

stress-strain responses cannot distinguish how the shear stresses are distributed 

between the columns and surrounding soil, but they do provide a basis for evaluating 

how the columns and their base fixity condition affected overall system stiffness. 

Average shear stress-shear strain responses at depths of 3.0 m and 5.0 m 

during shake 8 (PBA ≈ 0.13g) are compared for Models 1 and 2 in Figure 5.7a and 

Figure 5.7b (for other depths see in Supplement Figure C.9). The stress-strain 

responses for the unimproved and improved soil profiles are quite similar in shape 

and in the peak values for shear stress and shear strain. These results indicate that the 
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columns in Model 2 did not significantly stiffen the soil profile relative to the 

unimproved case.  

Average shear stress-shear strain responses at the same depths during the 

same shaking event for Models 3 and 4 are shown in Figure 5.7c and Figure 5.7d (for 

other depths see in Supplement Figure C.10). The stress-strain responses for the 

unimproved soils of Model 3 are similar to those for the unimproved soils of Model 1 

(Figure 5.7a and Figure 5.7b), as would be expected for these similar soil profiles. 

The average stress-strain response for Model 4 (fixed base columns) is notably stiffer 

than either Model 3 (unimproved case) or Model 2 (floating columns). The stress-

strain responses for Model 4 show peak shear strains that are about 50% smaller than 

obtained in the other models despite having similar peak shear stresses. These results 

indicate that the fixed-base condition for the columns in Model 4 significantly 

increased their ability to stiffen the soil profile relative to the other cases examined.  

The computed stress-strain responses for Models 2 and 4 in the larger shakes 

11 and 14, which both triggered liquefaction, were found to be less reliable. The 

poorer results were attributed to the limitations of a shear beam assumption as the 

basis for computing the stress-strain response of stiff inclusions in soft liquefied soils 

in these centrifuge tests. 

5.8. EFFECTIVE NATURAL FREQUENCIES FOR UNIMPROVED AND 

IMPROVED SOIL PROFILES 

The effective natural frequencies of the unimproved and improved soil profiles were 

estimated using amplification factors computed as the ratio of the pseudo-acceleration 

response spectra (PSa) for accelerations at the ground surface divided by the PSa for 
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accelerations at the bottom of the soil profile (i.e., on base membrane for Models 1 

and 2 and on top of cemented sand base layer for Models 3 and 4). The "effective" 

natural frequency (or period) was taken as corresponding to the frequency at which 

the greatest amplification of the PSa occurred; note that "effective" natural periods for 

a nonlinear system will generally increase with increasing yielding, but are not 

system properties like for linear elastic systems. The effective natural frequencies of 

all four models are plotted versus shaking event number in Figure 5.8, along with the 

peak base accelerations for comparison.  

The effective natural frequencies for all four models remained approximately 

constant for all shaking events with PBA less than about 0.04g (all shakes except 4, 8, 

11, and 13) as shown on Figure 5.8. The average natural frequencies for these low 

shaking level events were 2.97 Hz, 3.06 Hz, 3.16 Hz, and 4.06 Hz for Models 1, 2, 3, 

and 4, respectively. The average natural frequency of the unimproved soil profile in 

Model 3 (cemented sand as base layer) was slightly greater than in Model 1 (dense 

sand as base layer), which is consistent with the expected effect of having a much 

stiffer base layer in Model 3. The average natural frequency of Model 2 (floating-type 

columns) was only 3% greater than for Model 1 (unimproved case), indicating that 

the floating-type columns only increased the composite shear stiffness of the soil 

profile by about 9% (by analogy to a 1D shear beam response). The average natural 

frequency of Model 4 (fixed-base columns) was 28% greater than for Model 3 

(unimproved case), indicating that the fixed-based columns increased the composite 

shear stiffness of the soil profile by about 65%. These results show that effectiveness 
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of the soil cement columns in increasing the composite shear stiffness of a soil profile 

was strongly affected by the base fixity condition for the columns. 

The effective natural frequencies for all four models decreased during the four 

shaking events (4, 8, 11, and 13), as shown in Fig. 8. In shake 4 (PBA≈0.07g), the 

effective natural frequency decreased by about 15 to 30% for Models 1, 2, and 3 but 

was relatively unchanged for Model 4. In the slightly stronger shake 8 (PBA ≈ 0.13g), 

the effective natural frequency decreased by about 30 to 60% for Models 1, 2, and 3, 

but was again relatively unchanged (relative to the variability in the results) for 

Model 4. In shake 11 (PBA ≈ 0.54g) which first triggered liquefaction, the effective 

natural frequency decreased by about 70% for all four models. In the even strongest 

shake 14 (PBA ≈ 0.74g), liquefaction was accompanied by the effective natural 

frequency decreasing by more than 80% for all four models. These results show that 

Model 4 with its fixed-based columns exhibited less nonlinearity than the other 

models during the shaking events that did not trigger liquefaction (shakes 4 and 8), 

but exhibited similarly strong nonlinearity once liquefaction was triggered (shakes 11 

and 14). It is noted that the effective natural frequencies are much more uncertain and 

physically less meaningful in the presence of strong time-varying nonlinearity. 

However, these results still provides some lights on the effects of columns in effective 

natural frequency of improved soil. 

Any potential effects of shaking history on each model's effective natural 

frequency are not evident within the variability of the results shown in Figure 5.8. In 

particular, the triggering of liquefaction in Shakes 11 and 14 produced post-

liquefaction densification of the loose sand layer, which would be expected to 
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contribute to some stiffening of the soils. The average cumulative settlements in the 

soils at the end of shake16 events were 27, 32, 32, and 41 cm for Models 1, 2, 3, and 

4, respectively (cumulative settlements versus shake sequence are provided in 

Supplement Figure C.11). These settlements correspond to average vertical strains of 

3.38, 4.0, 4.0, and 5.1 % over the full liquefiable soil thickness and top medium-dense 

sand in Models 1, 2, 3, and 4, respectively. Despite these progressive increases in soil 

density, the effective natural frequency for any of the models after shakes 11 or 14 is 

not clearly different from those for early shakes. The one exception is Model 3 

(unimproved) for which the effective natural frequency for low-level shaking events 

was slightly greater after shake 4 relative to its average value from the first three 

shakes. 

5.9. ANALYSIS OF SHEAR REINFORCING EFFECT OF THE SOIL-

CEMENT COLUMNS 

The expected shear reinforcing effect of the soil-cement columns was analyzed using 

three methods: (1) assuming shear strain compatibility between the columns and 

surrounding soil, as incorporated in the design relationship proposed for stone 

columns by Baez (1995) and extended to soil-cement columns by Durgunoglu (2006), 

(2) the design equation by Rayamajhi et al. (2014) which accounts for the differences 

in shear strains in the columns and surrounding soil, and (3) the theoretical bounds 

proposed by Gueguin et al. (2013). These three analysis methods were used to 

compare the average composite shear modulus for the improved soil to the shear 

modulus for the unimproved soils. Based on Rayamajhi et al. (2014), the average 
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shear modulus of the improved soils, Gavg, normalized by the small-strain shear 

modulus of unimproved soils, Gs, can be estimated as  

Gavg 
 τ avg 

 1 1+ ⋅  ⋅ −  Ar (γ r Gr 1)=   ⋅ =    (5.2)   γ  G 1+ A (  )  −1G γs  avg   s r r 

−γ = γ soil cement =1.04 ⋅ G 
−0.65 − 0.04    (5.3)  r γ 

( )r 
soil 

where τavg = average shear stress for the improved soil, γavg = average shear strain for 

the improved soil, Gr = Gc/Gs=shear modulus ratio, Gc = small-strain shear modulus 

of column, γr = shear strain ratio, γsoil-cement = shear strain in soil-cement column, γsoil 

= shear strain in soil. This expression accounts for shear strain incompatibility 

between the columns and surrounding soils through the term γr. When γr = 1, the 

above expression corresponds to the assumption of shear strain compatibility (i.e., 

Baez 1995, Durgunoglu 2006). 

Gueguin et al. (2013) used homogenization theory and variational principles to 

arrive at analytical solutions for lower and upper bounds for the average composite 

shear modulus of soil profiles improved with circular columns. Their lower bound 

(LB) and upper bound (UB) solutions can be algebraically rearranged to arrive at the 

expressions, 
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The small-strain shear moduli for the soil-cement columns used in Model 2 

and Model 4 were estimated as 174 and 190 MPa, respectively. Secant values for the 

Young's modulus were obtained from unconfined compression (UC) tests for the soil-

cement materials after 21 days of curing, which approximately matches the age of the 

columns at the time of shaking. The corresponding secant shear modulus was 

determined using elasticity theory with an estimated Poisson’s ratio of 0.2. The small-

strain shear modulus for the soil-cement materials was then estimated to be 50% 

greater than this secant value to approximately account for known limitations in 

conventional unconfined compression tests for determining small-strain moduli.  

The small-strain shear moduli for the soils were estimated using density (ρ) 

and average shear wave velocity (vs) values for whole soil profile from Models 1 and 

3, as 

= ⋅     (5.6)  

The average vs was estimated to be 95 and 100 m/s for Models 1 and 3, respectively, 

based on the average effective fundamental frequency (fn) obtained in the first three 

shaking events (Fig. 8) and the relationship 

vs = ⋅  ⋅4 H fn     (5.7)  

where H = depth of soil profile. These vs values are consistent with values measured 

by geophysical methods in the same soils at similar stress levels in other centrifuge 

tests at this facility. The saturated density of the sands was taken as 1.92 ton/m3
. The 

Gs values for Models 1 and 3 were then computed as 17.8 and 19.5 MPa, 

respectively. 

Gs ρ vs 
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The shear modulus ratio for Models 2 and 4 were then estimated as Gr = (174 

MPa)/(17.8 MPa) = 9.8 and Gr = (190 MPa)/(19.5 MPa) = 9.7, respectively. These 

two values are approximately equal, so a value of Gr = 9.8 was used in the analyses 

for both models. 

The normalized average shear modulus ratios (Gavg/Gs) computed using the 

above analysis methods and material properties are plotted versus Ar in Figure 5.9, 

along with the experimental Gavg/Gs values obtained by comparing the effective 

natural frequencies of Models 1 and 2 (results in Figure 5.9a) and Models 3 and 4 

(results in Figure 5.9b) for different shaking events. The experimental Gavg/Gs values 

were computed as the square of the natural frequency of the improved soil profile 

divided by the natural frequency of the unimproved soil profile (i.e., following 

Equations 5.6 and 5.7). Experimental Gavg/Gs values are shown for all the low-level 

shaking events; results were excluded for the stronger events 8, 11, and 14, because 

the effective natural frequencies are much more uncertain and physically less 

meaningful in the presence of strong time-varying nonlinearity. The experimental 

Gavg/Gs values averaged about 1.06 (range of 0.78 to 1.47) for the floating-type 

columns (Model 2 versus Model 1) and about 1.48 (range of 1.15 to 2.25) for fixed-

based columns (Model 4 versus Model 3). Analyses based on the assumption of shear 

strain compatibility (i.e., γr = 1) with Ar = 30% produce Gavg/Gs = 3.64 which greatly 

exceeds the values observed in these centrifuge models. Analyses using the design 

equations by Rayamajhi et al. (2014) produce Gavg/Gs = 1.68, which is closer to, but 

still exceeds, the average experimental values of 1.06 and 1.48. The lower and upper 

bound solutions by Gueguin et al. (2013) are both, for practical purposes, almost 
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equal to the results obtained using the design equation by Rayamajhi et al. (2014). 

These comparisons of experimental and analytical results suggest that the assumption 

of shear strain compatibility is not justifiable for soil-cement columns, and that the 

analysis methods by Rayamajhi et al. (2014) and Gueguin et al. (2013) slightly 

overestimated the shear reinforcing effects of the columns in these centrifuge tests.  

The design equations by Rayamajhi et al. (2014) were also used to compute 

the cyclic shear stress reduction ratio expected for these centrifuge model conditions. 

These analyses indicated that the presence of the columns in Models 2 and 4 would 

be expected to have reduced the cyclic shear stress ratios (for the same peak ground 

surface acceleration) by only about 22%. A second set of analyses was performed 

with Gr = 4.9 (reduced from the value of 9.8 used above) because this value results in 

a predicted Gavg/Gs = 1.48 which agrees better with the experiments. For this lower Gr 

value, the analyses indicated that the presence of the columns would be expected to 

have only reduced the cyclic shear stress ratios by about 16%. These results suggest 

that the columns were relatively ineffective in reducing the cyclic shear stress ratios 

imposed on the surrounding soils.  

5.10. DISCUSSION 

The recorded responses of these four centrifuge model tests were analyzed several 

different ways, with the results consistently indicating that the soil-cement columns 

(1.75-m diameter, Ar = 30%, Gr = 9.8) were relatively ineffective in stiffening the soil 

profile and reducing the cyclic stress ratios induced on the surrounding soils. The 

columns with floating-type base conditions (Model 2) had negligible to small effects 

on: the excess pore pressures induced by strong shaking or ground displacements that 
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developed after liquefaction was triggered (Figure 5.2  to Figure 5.5), the average 

stress-strain response of the composite system (Figure 5.7a, b), or the effective 

natural frequency of the profile (Figure 5.8). The columns with fixed-base conditions 

(Model 4) was more effective at reducing the lateral displacements after liquefaction 

was triggered, stiffening the average stress-strain response of the composite system 

(Figure 5.7c,d) and increasing the effective natural frequency of the profile (Figure 

5.8), but it also had no notable effect in delaying the triggering of liquefaction during 

strong shaking. These observed responses are also consistent with the responses that 

would have been expected based on the design equation and analysis method of 

Rayamajhi et al. (2014), which account for flexure of the reinforcing columns within 

the soil profile. Similar results to Rayamajhi et al. (2014) are obtained using average 

values from Gueguin et al. (2013) theoretical bounds.  

One major purpose of soil-cement columns, which was not explored in these 

centrifuge tests, is their ability to continue supporting overlying structures even if 

liquefaction is triggered in the surrounding soils. The columns would need to extend 

into firm soils below the depth of liquefaction and not be badly damaged during 

shaking, if they were to be effective for this purpose. In this regard, the columns in 

Models 2 and 4 remained intact even after liquefaction was triggered during motions 

with peak base accelerations in excess of 0.50g. 

5.11. SUMMARY AND CONCLUSIONS 

Dynamic centrifuge tests of two unimproved soil models and two soil models 

improved with soil-cement columns were performed to investigate the reinforcing 

effects in liquefiable sand. The recorded responses from a series of sine sweep and 



 

 

 

 

138 

earthquake input motions were used to examine the effects of the columns on 

liquefaction behaviors, vertical and lateral displacements, effective natural 

frequencies, and average stress-strain responses for the composite column-soil 

systems.  

The results of these centrifuge tests and associated analyses showed that, for 

the conditions examined (Ar = 30%, Gr = 9.8), the soil-cement columns were 

relatively ineffective in stiffening the soil profile, reducing the cyclic stress ratios 

induced on the surrounding soils, or reducing the potential for liquefaction triggering. 

The columns with fixed-base conditions (socketed into a cemented sand layer) were 

slightly more effective than the columns with a floating-type base condition (founded 

on a dense sand layer), but they also did not significantly delay the onset of 

liquefaction during strong shaking. 

The analysis method by Rayamajhi et al. (2014), which account for flexure of 

the reinforcing columns, provided reasonable (or slightly high) estimates of the shear 

reinforcing effects of the soil-cement columns in these centrifuge tests. Average from 

Gueguin et al. (2013) theoretical bounds gives similar results to Rayamajhi et al. 

(2014). Analyses based on the assumption of shear strain compatibility, however, 

greatly over-estimated the shear reinforcing effects of the columns, confirming earlier 

recommendations that this design assumption is no longer justified. 

Soil-cement columns may, however, continue to provide effective support for 

structural foundations after liquefaction is triggered in the surrounding soils, provided 

the columns are not damaged during strong shaking and extend to firm soils below 

the depths of liquefaction. This reinforcing mechanism warrants further study.  
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Figure 5.1: Model configuration for Model 2 (improved case) 
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Figure 5.5: Time history responses for Model 2 during shake11 (TCU_EW 
motion, PBA = 0.46 g) 
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Figure 5.6: Cumulative residual rotations of soil-cement columns: (a) for Model 
2; (b) for Model 4; and (c) PBA for Model 2 and Model 4 
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Figure 5.7: Plot of computed shear stress vs shear strain responses at 3m and 5m 
depths for shake8 (TCU_EW motion): (a-b) for Model 1 and Model 2; (c-d) for 
Model 3 and Model 4 
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Figure 5.8: Natural frequencies computed for all sixteen shaking events for 
Model 1 (unimproved case with dense sand as base layer), Model 2 (improved 
case with dense sand as base layer), Model 3 (unimproved case with cemented 
sand as base layer), and Model 4 (improved case with cemented sand as base 
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Figure 5.9: Plot of average shear modulus due to soil-cement columns based on 
shear reinforcement mechanism using Baez (1995), Gueguin et al.(2013), 
Rayamajhi et al. (2014), and based on centrifuge tests 
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Table 5.1: Properties of soil material used 

Property 
Grain Size, D50

Nevada sand 
 0.14 mma

Monterey sand 
 0.40 mma 

Specific gravity, Gs 2.66b 2.64a 

Maximum void ratio, emax 0.78a 0.843a 

Minimum void ratio, emin 0.51a 0.536a 

Coefficient of uniformity, Cu  2a 1.3a 

Hydraulic conductivity at 1g 6.6 x10-5 m/s (Dr~40%)b -

Note: 

a Dashti (2009)
 
b Arulmoli et al. (1992) (Earth Technology Corp.)
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CHAPTER 6
 

CONCLUSIONS AND RECOMMENDATIONS
 

6.1. SUMMARY 

The purpose of this research is to understand reinforcing mechanisms of discrete 

columns (i.e., stone columns and soil-cements columns) as a means to mitigate 

potential liquefaction and limiting post-liquefaction deformations (i.e., lateral 

displacement and settlement) in loose cohesionless saturated soils. The main 

objectives of this research are focused on: (1) obtaining a better understanding on 

shear stress and strain distributions between discrete columns and surrounding soil, 

(2) develop a simplified method which can be used to estimate the level of shear 

stress reduction in improved ground, and (3) investigating the effects of discrete 

columns for liquefaction-induced lateral displacement and settlement. 

6.1.1. Based on finite element analysis 

6.1.1.1. Shear stress and strain distribution 

Based on linear-elastic 3D FE analysis, it was found that the shear stress ratio (Rrd) 

and shear strain ratio (γr) varies spatially. The discrete column is effective in reducing 

the shear stress in the soil region away from the discrete column normal to the 

direction of loading, however, no shear stress reduction occurs in the soil region 

along the direction of loading. For the improved case, the soil near the discrete 

column and along the direction of loading experiences less shear strain than soil away 

from discrete column and normal to direction of loading. The strains of the discrete 

columns are incongruous of the surrounding soil, suggesting that no shear strain 
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compatibility occurs between discrete columns and surrounding soil. It was found that 

the shear strain incompatibility increases with greater shear modulus ratios and 

decreases with larger in area replacement ratios. The average Rrd and γr were used to 

estimate the shear stress and strain distribution along the depth.  

The numerical results showed that the current design for discrete column 

gives over-estimates the shear stress reduction in surrounding improved soil. The 

discrete column attracts higher shear stress than the surrounding soil however; this 

stress is not proportional to the relative stiffness between the discrete column and 

surrounding soil. The implication of low shear stress in discrete columns is that the 

columns results in no significant reduce of the cyclic stress ratio for surrounding 

improved soil. For the range of ground improvement using stone columns [i.e. area 

replacement ratio (0-50%) and shear modulus ratio (2 to 10)], marginally (up to 30%) 

of shear stress can be reduced in surrounding improved soils. With the numerical 

analyses results herein, a design relationship is proposed which gives reasonable 

estimates for shear stress reduction in surrounding improved soil. 

Numerical results showed that as the length by diameter (L/D) ratio is 

decreased, the shear stress ratio decreased slightly and strain ratio increased slightly. 

For the practical range of diameters of discrete columns, there is no significant 

advantage in terms of shear stress reduction in surrounding improved soil. 

Nonlinear 3D FE analyses also showed Rrd and γr varies spatially. For less 

intense ground motion (i.e., PGA<0.10g), the results from the nonlinear FE analyses 

are consistent with previous linear-elastic results. As the ground motion’s intensity 

increases, both Rrd and γr tend to decrease due to the transient increase in shear 
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modulus ratio. The transient increase in shear modulus ratio can be attributed to the 

shear modulus of the stone columns decreasing slowly as that compared to the shear 

modulus of the liquefiable soil. Since, no shear strain compatibility occurs between 

stone columns and the surrounding soil, the shear strain in the stone column is far less 

than shear strain of the surrounding soil. However, at greater intensities (i.e. 

PGA>0.20g), there is no significant effects on Rrd and γr as both the stone columns 

and surrounding soil experience significant reductions in the shear modulus due to the 

large amplitude of shear strain excursions. 

Parametric study conducted for vertical stresses at ground surface (e.g., due to 

superstructure loads) showed no appreciable difference for the improvement in shear 

deformation behavior of stone columns. The vertical stress did not show improved 

shear strain compatibility between the stone column and surrounding soil. Moreover, 

increased in vertical stresses on stone column and surrounding soil did not reduce 

shear stresses as compared to unimproved soil with same vertical stresses. At ground 

surface 

The liquefiable resistance of soil largely depends upon its relative density, 

which can be related to SPT blow counts. It is found that the reinforcing effects of 

stone columns is similar in improved loose [(N1)60 = 7], medium [(N1)60 = 15], and 

medium-dense [(N1)60 = 22] silty soil. As the shear stress and strain ratios are mainly 

dependent on relative shear stiffness of the stone columns and surrounding soil, 

almost similar trends (as predicted by proposed design method based on linear elastic 

results) were obtained for loose, medium, and medium-dense silty soil studied herein.  
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6.1.1.2. Post-liquefaction lateral displacement 

Although reinforcing mechanisms of stone columns does not help to prevent 

liquefaction triggering in surrounding improved soil, they are effective in limiting 

liquefaction-induced lateral displacement in sloping ground. Nonlinear 3D FE 

analyses of slopping ground showed the presence of stone columns has significant 

effects on liquefaction-induced lateral displacement than shear modulus ratio. 

Increasing area replacement ratio (Ar) for the design of stone columns helps to 

decrease the lateral displacement. For example, for Ar = 10 to 30%, on average the 

stone columns can reduce the lateral displacement of liquefiable soil by 30-50% 

compared to unimproved ground [for SPT (N1)60=15, liquefiable soil depth (Hliq) = 9 

m, ground sloping (αs) = 2˚, and shear modulus ratio (Gr) = 5]. 

The reinforcement effect of stone columns in terms of limiting post-

liquefaction lateral displacement is higher for loose soil [(N1)60 = 7] than medium-

dense soil [(N1)60 = 15] and medium-dense soil [(N1)60 = 22]. The denser soil dilates 

more than looser soil and shear deformation in the denser soil is relatively lower that 

loose, so that with stone columns relatively more lateral displacement can be reduced 

in looser soil than denser soil. For example, for (N1)60 =7, 15, 22, on average the 

stone columns can reduce the lateral displacement of liquefiable soil by ~ 60, ~40, 

~40%, respectively as compared to unimproved ground (for Ar = 20%, Hliq = 9 m, αs 

= 2˚, Gr = 5). 

The decrease in L/D ratio of stone columns (either by increasing diameter of 

stone columns or decreasing the depth treated liquefiable soil) reduces the lateral 

displacements of surrounding improved soil. Decreasing in the L/D ratio of stone 
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columns slightly increases its shear deformation behavior such that shear deformation 

in the improved soil decreases. For example, the lateral displacement in the improved 

soil, with 1-m diameter stone columns, decreases by 40 to 75 % for liquefiable soil 

[(N1)60=15] having thickness of 3 to 9 m. The larger diameter of stone columns 

results in greater reduction in lateral displacement in improved soil for the same level 

of area replacement ratio and shear modulus ratio. 

The post-liquefaction lateral displacements of liquefiable soil are significantly 

reduced under vertical confining stress. Liquefaction resistance of the soil increases 

as the vertical confining stress increases, so that the shear strain under dynamic 

loading decreases thereby reducing the overall lateral displacement.  

The drainage mechanism of stone columns in limiting lateral displacement not 

only depends upon its hydraulic conductivity but also mainly depends upon the 

hydraulic conductivity of surrounding soils. Higher hydraulic conductivity of stone 

columns helps to early dissipation of EPWP, so that potential for liquefaction 

triggering is decreases. In silt, irrespective to hydraulic conductivity of stone 

columns, the lateral displacements of improved surrounding cannot be significantly 

reduced. The reduction in lateral displacement is only achieved through shear 

reinforcement effects of stone columns. However, for silty sand and clean sand, the 

lateral displacement of improved surrounding soil decreases with increasing in 

hydraulic conductivity of the stone columns. On average, 20-90 % lateral 

displacement can be reduced in clean sand depending upon hydraulic conductivity of 

stone columns (i.e., 1x10-3 m/s to 1x10-1 m/s) for (N1)60= 15, Hliq = 9 m, αs = 2˚ , Ar = 

20%, and Gr = 5. 
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During the installation of stone columns, density of treated soil varies 

spatially, and measured SPT (N1)60 depends on the distance from center of the stone 

columns. It is found that the lateral displacement obtained from spatially varied soil is 

similar to that of uniformly densified soil having (N1)60 equivalent to the value 

computed by taking area weighted average of (N1)60 of spatially varied conditions. 

Thus, for engineering practice taking area weighted average of spatially varied (N1)60 

may provide a reasonable indirect estimate for the achieved overall densification due 

to stone columns. 

6.1.2. Based on dynamic centrifuge tests 

Dynamic centrifuge tests of two unimproved soil models and two soil models 

improved with soil-cement columns were performed to investigate the reinforcing 

mechanisms in liquefiable sand. In first improved soil model case, the soil-cement 

columns were resting on top of a dense sand layer simulating free end boundary 

conditions for soil-cement (floating-type), while in second improved soil model the 

soil-cement columns were socketed into a cemented sand layer (fixed-type) 

simulating fixed-base conditions. The results of these centrifuge tests and associated 

analyses showed that, the soil-cement columns were relatively ineffective in 

stiffening the soil profile, reducing the cyclic stress ratios induced on the surrounding 

soils, or reducing the potential for liquefaction triggering. The soil-cement columns 

with fixed-base conditions were slightly more effective than the columns with a 

floating-type base condition, but they also did not significantly delay the onset of 

liquefaction during strong shaking. 
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Analyses based on the assumption of shear strain compatibility, greatly over

estimated the shear reinforcing effects of the soil-cement columns. On the other hand, 

the analysis methods by Rayamajhi et al. (2014), which accounts shear strain 

incompatibility between the columns and soil, provided reasonable (or slightly high) 

estimates of the shear reinforcing effects of the soil-cement columns in these 

centrifuge tests.  

Soil-cement columns may, however, continue to provide effective support for 

structural foundations after liquefaction is triggered in the surrounding soils, provided 

the columns are not damaged during strong shaking and extend to firm soils below 

the depths of liquefaction. 

6.2. CONCLUSIONS 

The study of reinforcing mechanisms of discrete columns using 3D FE analyses and 

dynamic centrifuge tests resulted in the following key findings: 

•	 The discrete columns and surrounding soil do not behave in shear compatible 

deformation (i.e., shear strain incompatibility). 

•	 The current design for discrete column over-estimates the shear stress 

reduction in surrounding improved soil. A design relationship is proposed 

which gives reasonable estimates for shear stress reduction in surrounding 

improved soil. 

•	 For practice range of design parameters, stone columns do not help to 

significantly reduce the cyclic stress ratio in improved soil. Thus, shear 

reinforcement effects of stone columns should be considered as secondary 
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benefit in terms of reducing liquefaction triggering in surrounding improved 

soil. 

•	 Although reinforcing mechanisms of stone columns does not help to prevent 

liquefaction triggering in surrounding improved soil, they are found to be 

effective in limiting liquefaction induced lateral displacement in sloping 

ground. 

•	 Though soil-cement columns may be effective to prevent the liquefaction 

triggering in improved soil, the primary benefits of the soil-cement columns 

would appear to be potential capacity to significantly limit the vertical 

settlement of overlying structures. 

6.3. RECOMMENDATIONS FOR FUTURE RESEARCH 

Although this research has improved the understanding regarding the reinforcement 

mechanisms of discrete columns in terms of distributing shear stresses and strains and 

post-liquefaction deformations, there are more areas where further research is needed. 

Further study could be made in following areas: 

•	 To update the OpenSees PressureDependMultiYeild02 constitute model or 

developed a new model for increasing performance to predict liquefaction 

induced sedimentation settlement. 

•	 To conduct 3D finite element analyses using different friction angle for stone 

columns along the depth to realistically simulate pressure dependent 

variability with confining pressure. 
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•	 To conduct 3D finite element analysis for the stone column groups in 

liquefiable soil including many different treatment areas, so that the 

interaction between stone columns can be investigated.  

•	 To perform centrifuge tests to further investigate reinforcement effects of 

discrete columns in terms reducing of post-liquefaction settlement. 

•	 To perform the centrifuge tests on unimproved and improved silty soils with 

stone columns in sloping ground subjected with different levels of shaking 

intensities to understand reinforcing effects under static shear bias conditions. 

•	 To instrument unimproved and improved (with stone columns or soil-cement 

columns) seismic array in silty soil sites that can provide the direct evidence 

for effects of shear reinforcing mechanism during future earthquakes. 

•	 To investigate the applicability/performance of other ground improvement 

methods such as closed soil-cement grid walls, as reinforcement to reduce 

liquefaction triggering potential in silty soils.  
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APPENDIX-A 


SUPPLEMENTS FOR THE CHAPTER 3
 

Figure A.1: Undrained cyclic DSS loading response of loose sand [(N1 60)  = 7] 
under σ’vc = 100 kPa for 2 degree slope corresponding to static shear ratio 
(τ/σ’vc) of 0.035: (a) shear stress vs strain response, and (b) shear stress vs change 
in effective stress response 
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Figure A.2: Cyclic shear stress ratio versus number of uniform loading in DSS 
loading to cause single-amplitude shear strain of 3% for loose sand, medium 
sand, medium-dense sand, dense sand, and stone column (with Gmax = 215 MPa) 
under σ'vc = 100 kPa and α = 0.0. 



 

 

  

167 

Figure A.3: Drained cyclic DSS loading response for loose sand [(N1)60 = 7] 
under σ’vc = 100 kPa and 300 kPa 
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Figure A.4: Drained cyclic DSS loading response for loose sand, medium sand, 
medium-dense sand, and dense sand obtained at σ’vc = 100 kPa and compared to 
EPRI (1993) curves for 0-6m depth and 36-76m depth: (a) shear modulus ratio 
vs shear strain; (b) equivalent hysteretic damping vs shear strain 
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Rollins et al. (1998) 
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Figure A.5: Drained cyclic DSS loading response for stone column with different 
low strain shear modulus obtained at confining vertical pressure σ’vc = 100 kPa 
and Rollins et al. (1998) curves: (a) shear modulus reduction curve vs shear 
strain; (b) equivalent hysteretic damping vs shear strain.  
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Table A.1: Parameters for constitutive modeling for all materials 

Parameter Loose Sand Medium Sand Medium-dense Sand Dense Sand Stone Column 

(N1)60 7 15 22 35 N/A 
CRR, 1 atm, 3% 0.1 0.16 0.24 N/A N/A 
Vs1 (m/s) 146 174 190 212 -
υ 0.33 0.33 0.33 0.33 0.33 
e * 0.76 0.65 0.60 0.55 0.45 
ρ (ton/m3) * 1.94 2.00 2.03 2.06 2.14 
pref (kPa) * 100 100 100 100 100 
Gmax,p'r (MPa) * 41.4 60.4 73.6 104.1 ** 
γmax * 0.1 0.1 0.1 0.1 0.1 
Br(MPa) * 110.3 161.9 196.2 277.6 *** 
ϕTC * 33.0 37.0 40.0 43.0 48 
ϕPT * 26.0 27.0 28.0 30.0 30.0 
d * 0.5 0.5 0.5 0.5 0.5 
c1 * 0.067 0.035 0.022 0.005 0.005 
c2 * 5.0 5.0 3.0 0.5 0.5 
c3 * 0.2 0.1 0.05 0 0 
d1 * 0.06 0.10 0.15 0.40 0.40 
d2 * 3.0 3.0 3.0 3.0 3.0 
d3 * 0.2 0.1 0.0 0.0 0 
liq1 * 1.0 1.0 1.0 1.0 1.0 
liq2 * 0 0 0 0 0 
NYS * 20 20 20 20 20 
cs1 * 0.9 0.9 0.9 0.9 0.9 
cs2 * 0.02 0.02 0.02 0.02 0.02 
cs3 * 0.7 0.7 0.7 0.7 0.7 
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Parameter Loose Sand Medium Sand Medium-dense Sand Dense Sand Stone Column 

Patm (kPa)* 100 100 100 100 100 

Note: 

* Model input parameters 

** Shear modulus relative to liquefiable material (i.e., loose silty sand, medium silty sand, and medium-dense silty sand) 

*** Bulk modulus is calculated from shear modulus and Poisson's ratio 
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Table A.2: Earthquake ground motions used in this study 

NGA Earthquake Year Station Magnitude Hypocentral Preferred 
Record Name Distance Vs30 
Sequence (m/s) 
Number 
1011 Northridge-01 1994 LA - Wonderland Ave 6.69 25.82 1222.5 

1787 Hector Mine 1999 Hector 7.13 30.38 684.9 

1786 Hector Mine 1999 Heart Bar State Park 7.13 70.67 684.9 

572 Taiwan SMART1(45) 1986 SMART1 E02 7.3 72.91 659.6 

801 Loma Prieta 1989 San Jose - Santa Teresa Hills 6.93 26.66 671.8 

1050 Northridge-01 1994 Pacoima Dam (downstream) 6.69 26.85 2016.1 

2107 Denali, Alaska 2002 Carlo (temp 7.9 68.39 963.9 

763 Loma Prieta 1989 Gilroy - Gavilan Coll. 6.93 33.84 729.7 

957 Northridge-01 1994 Burbank - Howard Rd. 6.69 29.05 821.7 

765 Loma Prieta 1989 Gilroy Array #1 6.93 33.55 1428 
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APPENDIX-B 


SUPPLEMENTS FOR THE CHAPTER 4
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Figure B.1: Typical response for unimproved soil [with Ks = 1x 10-5 m/s, (N1)60 
= 15 and Hliq = 9 m] and improved soil (with Ksc = 1x 10-2 m/s, Ar = 20%, and 
Gr = 5) at sloping ground (αs = 2˚) under Loma Prieta (1989) earthquake as 
input motion scaled to 0.20g 
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 on lateral displacements
intensities [for (N1)60 = 15, Hliq = 9 m, α
absolute maximum lateral displacement, and (b) relative lateral displacement 

s = 2˚, Ar = 20%, and D = 1 m]: (a) 
Figure B.2: Effects of Gr  for different shaking 
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Figure B.3: Effects of L/D on lateral displacements for different shaking 
intensities [for (N1)60 = 15, Hliq = 9 m, αs = 2˚, Ar = 20%, and Gr = 5]: (a) absolute 
maximum lateral displacement, and (b) relative lateral displacement 
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Figure B.4: Effects of sloping grounds on lateral displacement for different 
shaking intensities [for (N1)60 = 15, Hliq = 9 m, Ar = 20%, and Gr = 5]: (a) absolute 
maximum lateral displacement, and (b) relative lateral displacement 
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Figure B.5: Plot of absolute maximum lateral displacement vs Ksc for improved 
soil at 0.20g shaking intensities [for (N1)60=15, Hliq =9 m, αs =2˚ , Ar=20%, and 
Gr=5] 
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Figure B.6: Effects of Ksc on settlement for different shaking intensities [for 
(N1)60 = 15, Hliq = 9 m, Ar = 20%, and Gr = 5]: (a) absolute maximum settlements, 
and (b) relative settlements 



 

 

    

179 

APPENDIX-C 


SUPPLEMENTS FOR THE CHAPTER 5
 

Table C.1: Shaking protocols used in this study 


Shake Motions Peak base acceleration(g) 

Model 1 Model 2 Model 3 Model 4 

1 Sinesweep 0.018 0.023 0.020 0.018 

2 Sinesweep 0.041 0.044 0.040 0.042 

3 TCU_EWa 0.015 0.018 0.017 0.019 

4 TCU_EWa 0.071 0.084 0.075 0.076 

5 Sinesweep 0.020 0.022 0.023 0.020 

6 Sinesweep 0.036 0.043 0.038 0.042 

7 TCU_EWa 0.015 0.011 0.018 0.020 

8 TCU_EWa 0.131 0.122 0.138 0.143 

9 Sinesweep 0.020 0.023 0.024 0.019 

10 TCU_EWb 0.023 0.016 0.019 0.019 

11 TCU_EWb 0.543 0.458 0.591 0.607 

12 Sinesweep 0.021 0.024 0.023 0.019 

13 TCU_EWb 0.022 0.020 0.019 0.015 

14 TCU_EWb 0.743 0.622 0.743 0.794 

15 Sinesweep 0.020 0.022 0.023 0.019 

16 TCU_EWb 0.021 0.026 0.017 0.028 

Note: 

a Motion applied with high pass Butterworth filtered 0.3 Hz cut-off frequency 

b Motion applied with high pass Butterworth filtered 1.0 Hz cut-off frequency 
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Figure C.1: Model configuration for Model 1 (unimproved case with dense sand 
as base layer) 
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Figure C.2: Model configuration for Model 3 (unimproved case with cemented 
sand as base layer) 
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Figure C.3: Model configuration for Model 4 (improved case with cemented 
sand as base layer) 
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Figure C.4: Normalized power spectral density versus frequency plot for 
unfiltered Chi-Chi (1999) earthquake motion and filtered motions using 
Butterworth high pass filter [with order (n) =4 and cut-off frequency (fc)=0.3 
and 1.0 Hz] 
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Figure C.5: Time history responses for Model 3 during shake8 (TCU_EW 
motion PBA = 0.13 g) 
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Figure C.6: Time history responses for Model 4 during shake8 (TCU_EW 
motion PBA = 0.12 g) 
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Figure C.7: Time history responses for Model 3 during shake11 (TCU_EW 
motion, PBA = 0.54 g) 
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Figure C.8: Time history responses obtained for Model 4 during shake11 
(TCU_EW motion, PBA = 0.46g) 
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Figure C.9: Plot of computed shear stress vs shear strain responses for Model 1 
and Model 2 at different depths for shake8 (TCU_EW motion) 
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Figure C.10: Plot of computed shear stress vs shear strain responses for Model 3 
and Model 4 at different depths for shake8 (TCU_EW motion) 
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Figure C.11: Plots of settlement in different event sequences: (a) Model 1; (b) 

Model 2; (c) Model 3; and (d) Model 4; and (d) plot of PBA for different models
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APPENDIX-D 


SOIL MODELS CALIBRATIONS 


D1. CONSTITUTIVE MODEL 

In this research, Open System for Earthquake Engineering Simulation (OpenSees), an 

open-source software framework was used as the computational platform. OpenSees 

has a wide range of capability for simulating structural and geotechnical structural 

systems (Mazzoni et al. 2009). In OpenSees framework, several material constitutive 

models are available for simulating soil. In particular, two material models, 

PressureDependMultiYield (PDMY) and PressureDependMultiYield02 (PDMY02), 

developed by Yang et al. (2003 and 2008), was developed based on framework of 

multisurface-plasticity theory (Prevost 1995) for cohesionless soils (Figure D.1). The 

PDMY02 is based on PDMY material with additional parameters to account for Kσ 

effect and influence of previous dilation history on subsequent contraction phase, and 

modified logic related to permanent shear strain accumulation (Mazzoni et al. 2009). 

In this study, liquefiable soil (i.e., loose silty sand, medium silty sand, 

medium-dense silty sand), dense sand, and stone column are modeled using Pressure

Dependent-Multi-Yield (PDMY02) constitutive material. The formulation of 

PDMY02 constitutive model and detail information’s about the parameters and their 

effects on model response are presented in Yang et al. (2003 and 2008). In this 

section, a review of major parameters on material response is presented along with a 

brief description. In the subsequent section, the calibration process (single element 

responses for liquefiable sand to common design correlations) is carried out based on 
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vertically consolidated direct simple shear (DSS) and guidelines with the model 

user’s manual (Mazzoni et al. 2009; Yang et al. 2008). 

PDMY02 material is an elastic-plastic material for simulating the cyclic 

response characteristics of pressure sensitive soil materials (e.g., sand, silt). The 

model is capable of simulating characteristics such as dilatancy (shear-induced 

volume contraction or dilation), non-flow liquefaction (cyclic mobility), and 

permanent shear strain accumulation, which are typically exhibited in sands or silts 

during monotonic or cyclic loading (Yang et al. 2008). Within OpenSees framework, 

PDMY02 model can behave as either elastic or elastic-plastic material and controlled 

by the user defined setting. In gravity loading (and static loading if any), the material 

is essentially modeled to behave as linear elastic and depending upon the user’s 

setting the material can be modeled to behave elastically or plastically under 

subsequent dynamic (fast) loading phase(s) (Yang et al. 2008). The elastic or plastic 

behavior during dynamic loading is controlled by using “updateMaterialStage” 

command available in OpenSees for switching the material behavior. The parameters 

used to model the PDMY02 material is described below. It is noted that the input 

parameters in the model are prefixed by “$”. 

D1.1 Elastic parameters 

The elastic response of the material is defined by two parameters, low- strain shear 

modulus ($refShearModul, Gr) and bulk modulus ($refBulkModul, Br) specified at a 

reference mean effective confining pressure ($refPress, p’r), defined below. The 

Poisson’s ratio (ν) is a depended parameter and related to Br and Gr internally in the 

model as 
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2 1  ν( + )
Br = Gr     (D.1)  

3 1( − 2ν ) 

The shear modulus (G) and bulk modulus (B) varies as a function of current effective 

confining pressure pꞌ and defined by a pressure depend constant ($pressDependCoe, 

d) as 

 p ' 
d 

 p ' 
d 

G = Gr  '  and B = Br  '  (D.2)
p r   pr 

D1.2 Shear stress- strain response 

The PDMY02 is formulated in octahedral stress-strain space. The friction angle 

($frictionAng, ϕTC) defines the variation of peak (octahedral) shear strength τf as a 

function of current effective confinement pꞌ as 

2 2  sin  φTCτ f = p ' (D.3)
3 sin  φTC−

where octahedral shear stress is defined as
 

1
τ oct = 
3 

s s : (D.4) 

1 2 2 2 2= ( ' xx σ ' yy ) + (σ yy − ' zz ) + (σ zz − ' xx ) + σ xy 
2 + 6 'yz + 6 ' zx 

2 (D.5)σ − ' σ ' σ 6 '  σ σ 
3 

s =  deviatoric stress 

:= double tensor contraction 

σ ' ,σ ' ,σ ' =  normal effective stresses along x, y, and z directions xx yy zz 

σ ' ,σ ' ,σ ' =  shear stresses along xy, yz, and zx surface planes xy yz zx 

In this model, the backbone curve is defined in octahedral shear stress and strain. The 

octahedral strain is given by 
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2 2 22 2γ oct = (ε ε  xx − yy ) (  2 
+ ε  ε  yy − zz )2 

+ (ε  ε  zz − xx ) + 6ε xy + 6ε yz + 6ε zx (D.6)
3 

where, in-plain shear strain is given by  

γ = 2 ;  = 2 ;  = ε (D.7)ε γ ε γ 2xy  xy  yz  yz  zx  zx  

, , =ε ε ε   normal strains along x, y, and z directions xx yy zz 

, , =ε ε ε   shear strains xy yz zx 

The backbone curve of the material is defined at particular confining pressure and is 

pressure dependent. The backbone curve at a given reference confinement pꞌr can be 

approximated by the hyperbolic formula as (Figure D.2) 

G γτ = (D.8) 

1+ γ  p ' 
d 

 
r 
γ r  p ' 

where, τ, γ= octahedral shear stress and strain, γr= is a reference octahedral shear 

strain which is defined by the model internally (τmax/Gr). In order to reach the 

maximum shear strength at finite strain, the hyperbolic curve is often capped at τf < 

τmax (Elgamal et al. 2003). One can derive γr by considering the backbone relation at 

the reference confining pressure ( ′ ) as 
2 2  sin  φ G γTC max τ = p ' = (D.9)f 3 sin  φTC γ  p ' 

d− 
max r1+  γ r  p ' 

where, γmax ($peakShearStra) is the octahedral shear strain at the peak octahedral 

shear stress (τf) (or strain at which backbone curve maximize). This is an input 

parameter of the constitutive model.  
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The plasticity of the PDMY02 is based on multiyield surfaces and yield surfaces are 

Druker-Prager type (i.e., conical shape surfaces with common apex located at the 

origin of principal space). Within multiyield surface plasticity framework, the 

hyperbolic backbone curve (Figure D.3) is replaced by a piecewise linear 

approximation, which is used to determine the bound of yield surface. The outermost 

surface defined the failure criterion, which depends upon the frictional angle, and the 

middle surfaces define the hardening region (Khosravifar, 2012). The model 

automatically divides the yield surface angles into equally distributed stresses based 

on the given the friction angle (Figure D.3).  

A user defined backbone curve or (γ and G/Gmax pair) curve can be defined as 

well. However, cautioned should be made at defining the backbone curve in order to 

avoid the softening behavior in the material. For the case of user defined curve, the 

user defined friction angle is ignored instead friction angle is estimated from the last 

pair of γ and G/Gmax pair as 

3 3 /  p 'τ
sinφ =    (D.10)  

6 + 3τ / p ' 

where τ is the product of last pair of G/Gmax and γ data and Gr. 

It is noted that the common relationship found in the literature are based on in-plane 

shear strain and G/Gmax curve. However, in the PDMY02 model the shear strain is 

represented by octahedral shear strain and G/Gmax. Thus, appropriate transformation 

has to be carried out when defining the backbone curve. 
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D1.3 Flow Rule 

In PDMY02 formulation, P and Q is defined as the outer normal to the yield surface 

and the plastic potential surface, respectively. Both P and Q tensors are decomposed 

into deviatoric and volumetric components, giving, P=Pꞌ+Pꞌꞌδ and Q=Qꞌ+Qꞌꞌδ 

respectively where, Pꞌꞌ and Qꞌꞌ are volumetric component and Pꞌ and Qꞌ are deviatoric 

components. The deviatoric plastic strain follows associative flow rule, while the 

volumetric plastic strain follows nonassociative rule i.e., Pꞌ= Qꞌ and Pꞌꞌ≠Qꞌꞌ (Yang et 

al. 2003; Khosravifar, 2012). The implementation of nonassociative rule for the 

deviatoric plastic strain allows capturing the contractive or dilative behavior of the 

soil. 

The phase transformation angle ($PTAng, ϕPT) concept is used to simulate the 

onset of dilative tendency for the material from the contract phase (Figure D.4). The 

lower the value of this material the higher will be the dilation (Khosravifar 2012). 

The PDMY02 contractive or dilative volumetric strains implemented in OpenSees 

(version 2.4.0) are as follows (Khosravifar 2012) ]ሻ< 0ሶ߬ ܽ݊݀ ்߬߬ >ሺ	ݎሻ்߬߬ <ሺ[Contraction phase: 

2 c 

''  τ   p ' + po 
'  3 

P = −1−  (c1 + ε cc2 )  (D.11)
 τ PT   patm 

ଷܿ ($contrac2), and ܿ ($contrac1), ଵܿwhere ଶ  ($contrac3) = model input contraction 

parameters, ߝ = a non-negative scalar that represents the accumulative volumetric 

strain (increases by dilation and decreases by contraction), ்߬ = strength defined at 

phase transformation angle ($PTAng, ϕPT).]> 0ሶ߬ ܽ݊݀ ்߬[߬ > Dilation 
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2 −d
 τ   p ' + p '  3 

'' d2 oP =
τ 

−1 (d + γ ) 
p 

(D.12)  1 d   
 PT   atm 

 ($dilat3) = model input dilation parameters, ଷ݀ ($dilat2), andଶ݀ ($dilat1),ଵ݀whereߛௗ = the octahedral shear strain accumulated from the beginning of that particular 

dilation cycle. 

The c1 and d1 controls the contraction and dilation, c2 and d2 control the 

fabric damage during contraction and dilation phase, and c3 and d3 control the kσ 

effects. Parametric studies of c1, c2, c3, d1, d2, and d3 effects on the material 

contractive and dilative responses are presented by Khosravifar (2012). 

D1.4 Non-flow liquefaction (or cyclic mobility) parameters 

Liquefaction parameters ($liquefac1, $liquefac2, liq1, liq2) are used to define the 

liquefaction induced perfectly plastic strain accumulation (γy). This feature activates 

for effective confining pressures less than liq1, a parameter to define the accumulated 

permanent shear strain as a function of dilation history. The damage parameter, liq2, 

defines biased accumulation of permanent shear strain as a function of load reversal 

history. 

3 π p ' γ y = liq2 cos    (D.13)  
2liq 1 
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D1.5 Critical state parameters 

The void ratio of the material ($e) can be provided directly in the model. The critical 

state line (CSL), ec, in the e-p’ space is defined by CSL parameters ($cs1, $cs2, $cs3, 

$Pa) as 

 p ' 
cs3 

ec = cs − cs if cs ≠ 0,and 1 2   3p a     (D.14)  
 p '  = cs1 − cs2 log   if cs3 = 0 

p a 

where Pa= atmospheric pressure. 

The model checks the updated void ratio at every time step and compare with 

the CSL. If the updated void ratio passes the CSL line, then the model sets the 

volumetric plastic strains (contraction or dilation) values to zero. In the current 

version of OpenSees, this feature is disabled and initial void ratio (e) does not affect 

the material response. However, in this study default values are provided in the 

constitutive models. 

D1.6 Other parameters 

Material identification is defined by a unique positive integer ($tag) and modeling 

dimensions is defined by a positive number ($nd). The $tag and $nd are OpenSees 

framework parameter rather than PDMY02 material. The density ($rho, ρ) is provided as 

material saturated soil mass density. 

The hydraulic conductivity of the soil is not controlled by the PDMY02 

material. To include the hydraulic conductive, one have to use one of the solid-fluid 

fully coupled elements available in OpenSees, with required permeability. In this 

study, 8-node “brickUP” element, which is based on the solid-fluid formulation of 
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Chan (1998) and Zienkiewicz et al. (1990) for saturated soil implemented in 

OpenSees (Yang et al. 2003, 2008, Mazzoni et al. 2009), was used to model the soil. 

The brickUP is a u-p element in which the solid-fluid response is fully coupled based 

on Biot’s theory of porous media (Yang et al., 2008). In this brickUP element, every 

node has 4 degree of freedom, 3-DOF for space simulating solid displacement and 1

DOF for fluid response. More details about the element can be obtained in Yang et al. 

(2008). 

D2. MODEL CALIBRATIONS AND MATERIAL PROPERTIES 

D2.1 Liquefiable Sands 

In this study, three liquefiable soils are considered, loose sand, medium sand, and 

medium-dense sand corresponding to the (N1)60 of 7, 15, and 22, respectively. The 

properties of the liquefiable soil are selected based on the properties of as sand with 

non-plastic silt content as reported in literature. To represent the silty soil, the 

hydraulic conductivity of the material is provided at silty soil range. The liquefiable 

sand are calibrated based on undrained direct simple shear (DSS) test to develop 3% 

single amplitude shear strain at approximately 15 uniform cycles at cyclic stress ratio 

(CSR) of 0.10, 0.16, and 0.24 (at Mw=7.5 earthquake), respectively (Idriss and 

Boulanger 2008). In this study, all the calibrations are carried out for a reference 

pressure of 100 kPa. 

The saturated density of the material is calculated from initial void ratio and 

specific gravity of the solid particle. The void ratio of loose Nevada sand with 20 % 

fine is reported as 0.76 by Shapiro and Yamamuro (2003) and Nevada sand with 

relative density of 40%, the void ratio is calibrated as 0.77 by Yang et al. (2008). In 
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this study, void ratio for the loose, medium, and medium-dense sand are assumed to 

have 0.76, 0.65, and 0.6 respectively. The reduction of void ratio is rather arbitrary 

for medium and medium-dense sand. The specific gravity for the loose, medium, and 

medium-dense sand are assumed be 2.65, and corresponding saturated density are 

1.94, 2.0, and 2.03 ton/m3, respectively. 

The low strain shear modulus of the soil is estimated as  

G=ρ vs2     (D.15)  

where vs is the shear wave velocity estimated based on SPT value using Andrus and 

Stokoe (2000) relationship at 1 atm (100 kPa) pressure as 

]0.231 
vs1 = 93.2 ( [ N1)60     (D.16)  

The shear wave velocity for loose, medium, and medium-dense sand are 149, 174, 

and 189 m/s, respectively. The bulk modulus of the material is calculated using shear 

modulus and Poisson’s ratio. The Poisson’s ratio for the soil is calculated from Ko (= 

0.5) as 0.33. The G and B are assumed to vary as square root of current effective 

confinement stress, i.e., pressure dependent coefficient (d) of 0.5 as recommended in 

Yang et al. (2008). 

Shapiro and Yamamuro (2003) has conducted true triaxial compression test on 

Nevada II sand containing 20% non-plastic silt reported the friction angle of 33 

degree at 100 kPa confining pressure. So, the friction angle for the loose sand, 

medium sand, and medium-dense sand are picked and modified from empirical 

equations as 33, 37.5, and 40 degree, respectively. These friction angles are close to 

the SPT based predicted triaxial compression friction angle from Kulhawy and Mayne 

(1990). The calibrated parameters for each of the material are shown in Table D.1. 
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During calibration first friction angle and phase transformation angle are set. Then the 

contractions and dilation parameters are varied to achieve 3% single amplitude shear 

strain in 15 uniform cycles at given CSR. The calibrated parameters are selected close 

to that of Yang et al. (2008), and slight variations are carried out in conjunction with 

user manual for different density of the material. 

Howell (2013) found that PDMY02 material model predict low volumetric 

compressibility, and predicts correspondingly high coefficient of consolidation. 

Howell (2013) obtained the lower and upper bound of permeability of sand to match 

with her centrifuge tests as 2 x 10-5 m/s and 1 x10-4 m/s, respectively. In this study, to 

provide appropriate drainage for silty sand the permeability of the liquefiable soil is 

provided with 1x10-5 m/s. 

D2.2 Dense Sand 

In this study, the dense sand is modeled with knowledge based properties as 

published in the literature. The saturated density of the material is 2.06 with void ratio 

of 0.55 and specific gravity of 2.65. Assuming the SPT (N1)60 of 35 for dense sand, 

the corresponding shear wave velocity is 212 m/s. The relative shear stiffness ratio of 

dense sand is turned out to be 2.5 as compared to loose sand (as defined earlier). The 

Poisson’ ratio of the dense sand is also assumed to be 0.33 (for Ko=0.5). The shear 

modulus and bulk modulus vary as square root of current confining stress. 

The friction angle predicted by SPT based correlation is quite high as 48 

degree. However, in literature a dense sand friction angle is mostly less than 45 

degree (e.g., Meyerhof 1956, Peck et al. 1974), and generally falls between 40 to 45 

degree. Therefore, in this study, the friction angle for dense sand is adjusted to 43 
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degree. The phase transformation angle is kept equal to that of medium-dense sand as 

defined earlier. The contraction parameter c1 is reduced to lower value to represent 

the lower contraction in dense sand as compared to loose soil (defined earlier) and c2 

parameter is reduced to 0.5 to represent low fabric damages during contraction phase 

(Khosravifar 2012). The other material specific parameters are chosen are chosen 

close to the values for dense sand in Yang et al. (2008). The hydraulic conductive of 

the dense sand is modeled with 1x 10-3 m/s to provide faster drainage conditions as 

appropriate for clean dense sand material.  

D2.3 Stone Columns 

In this study, the shear moduli of the stone column are varied with respective to 

liquefiable material. The stone columns are modeled 2, 5, 7 times as higher modulus 

than loose sand, medium sand, and medium-dense sand. The Poisson’s ratio of the 

stone columns is used as 0.33. Similar to sand material, the shear modulus and bulk 

modulus varies as square root of effective confinement stress (d=0.5).  

The stone columns are modeled uniform graded gravel material with void 

ratio of 0.33 and saturated density of 2.24 ton/m3. The friction angle for the stone 

columns was modeled using the value from consolidated drained axisymmetric 

triaxial tests conducted by Duncan et al. (2007). The friction angle for the stone 

column is chosen as 48 degree at reference confining pressure of 100 kPa. Similar 

range for friction angle is reported by Stuedlein and Holtz (2012) for aggregate pier at 

confining pressure of 1 atm. All the other constitutive parameters of the stone 

columns are kept similar to that of dense sand described earlier. The hydraulic 
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conductive of the stone column was varied as 1, 100, 1000, and 10000 times that of 

liquefiable soil. 

D3. DIRECT SIMPLE SHEAR TESTS 

D3.1 Calibration Models and results 

A single 8 node brick element is used to simulate the DSS test. The FE model for the 

monotonic or cyclic DSS analyses is shown in Figure D.5. For the simulation, first 

hydrostatic pressure (or confining pressure) is applied and drainage is allowed from 

top and bottom of the model. After consolidating under confining pressure, shear 

stress is applied. The model has free movement along the direction where arrow is 

shown in Figure D.5 (a), for the consolidation stage and Figure D.5 (b) for shearing 

stage. The drainage is allowed from top and bottom of the specimen for drained case 

and drainage is prevented at both ends for undrained case. The calibrated material 

properties for all the materials used in this study are presented in Table 1. 

The simulations were carried out for a) undrained cyclic DSS condition and b) 

drained cyclic DSS condition. These analyses were carried to show the behavior of 

material properties used in this study under different loading conditions. 

D3.1.1 Undrained cyclic 

This analysis is carried out to show cyclic stress-strain behavior, pore pressure 

generation, and permanent strain accumulation during dilation. From the test, the 

behavior of friction angle, phase transformation angle, contraction parameters (c1, c2 

and c3) and dilation parameters (d1, d2 and d3) can be studied in details. The undrained 

cyclic test is used to calibrate the liquefiable soil. The undrained cyclic response of 
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the liquefiable soil (i.e., loose sand, medium sand, and medium-dense sand), dense 

sand, and stone columns are presented in Figure D.6 to Figure D.10. The response of 

these materials under different CSR to produce single amplitude shear strain of 3% 

under undrained cyclic loading is shown in Figure D.11. 

D3.1.2 Drained cyclic 

The typical drained cyclic responses of the liquefiable soil (i.e., loose sand, medium 

sand, and medium-dense sand), dense sand, and stone columns are presented in 

Figure D.12 to Figure D.16.The shear modulus reduction (G/Gmax) curves were 

obtained from the drained cyclic DSS simulations. The hysteretic damping of the 

material was also obtained from this test to compare with the published literature. The 

shear modulus reduction curves and damping curves for the liquefiable soil and dense 

sand are presented in Figure D.17. The curves are developed for vertical stress and 

reference pressure of 100 kPa. For the stone column as described earlier, the shear 

modulus is relative to that of liquefiable soil, therefore shear modulus reduction 

curves and damping curves are generated for wide range of low strain shear modulus 

(shown in Figure D.18). 

D4. LIMITATIONS OF CONSTITUTIVE MODEL 

D4.1 CRR curves 

The CRR curves for the simulated liquefiable sand are steeper than the curves found 

in literature (Figure D.11). This means that the liquefaction resistance of simulated 

liquefiable sand is higher than the actual liquefaction resistance of the soil. Though 

different sets of parameters for PDMY02 material were tried, the CRR curves were 
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almost always steeper as compared to laboratory data. Nevertheless, this steeper CRR 

curves do not significantly affect the objectives of this research. 

D4.2 Shear modulus reduction 

Shear modulus curves depends upon the low strain shear modulus and friction angle. 

The G/Gmax curves are shifted to left as the low strain shear modulus increases. A 

unique curve cannot be defined for material with different shear modulus. The G/Gmax 

curve shows faster shear modulus degradation for dense sand and slower degradation 

for loose material (Figure D.17 a). 

For the sand material, the G/Gmax curves generated from the models are 

consistently above the G/Gmax curves for sand obtained from EPRI (1993) manual at 

the depth of 0-76 m. However, the general patterns of G/Gmax curves are consistent 

with EPRI (1993) curves. The G/Gmax curves for stone column vary significantly with 

low strain shear modulus for the same friction angle (Figure D.18 a). The overall 

spectrum of the simulated stone column able to capture the average G/Gmax obtained 

from Rollins et al. (1998) (G/Gmax curves for gravel). Thus, the G/Gmax curves 

obtained for all materials used here are good enough and do not significantly affect 

the objectives and conclusions of this research. 

D4.3 Hysteretic damping 

In general, the simulated hysteric damping is under-predicted at lower shear strain 

and over-predicted at larger shear strain, when compared with the published curves 

for similar material (Figure D.17 b and Figure D.18 b). The damping is also depended 

on the low strain shear modulus and damping increases as the low strain shear 
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modulus is increases. Therefore, the hysteretic damping’s for dense sand and stone 

column are higher than liquefiable soil for all range of shear strains  
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Table D.1: Calibrated material properties 

Parameter Description Loose 

Sand 

Medium 

Sand 

Medium-

dense Sand 

Dense 

Sand 

Stone Column 

(N1)60 SPT value 7 15 22 35 N/A 

CRR, 1 atm, 3% The cyclic resistance ratio to reach single-

amplitude shear strain of 3% in 15 cycles 

under 1 atm effective confining pressure and 

zero initial static shear stress in undrained 

cyclic direct shear loading test 

0.10 0.16 0.24 N/A N/A 

Vs1 (m/s) Shear wave velocity at 1 atm. Pressure  146 174 190 212 -

υ Poisson's ratios 0.33 0.33 0.33 0.33 0.33 

e * Void ratio 0.76 0.65 0.60 0.55 0.40 

ρ (ton/m3) * Soil density 1.94 2.00 2.03 2.06 2.18 

pref (kPa) * Reference pressure for model calibration 100 100 100 100 100 

Gmax,p'r (MPa) * Low strain shear modulus at reference 

pressure 

41.4 60.4 73.6 104.1 ** 

γmax * Maximum octahedral shear strain is the strain 

at which the octahedral shear stress 

maximizes at p'r  

0.1 0.1 0.1 0.1 0.1 
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Parameter Description Loose 

Sand 

Medium 

Sand 

Medium-

dense Sand 

Dense 

Sand 

Stone Column 

Br(MPa) * Bulk Modulus at reference pressure 110.3 161.9 196.2 277.6 *** 

ϕTC * Model friction angle, same as triaxial friction 

angle 

33 37 40 43 48 

ϕPT * Phase transformation angle 26 27 28 30 30 

d * The pressure dependency coefficient defines 

the dependency of the maximum octahedral 

shear modulus and the bulk modulus in the 

effective confining pressure. 

0.5 0.5 0.5 0.5 0.5 

c1 * Contraction parameter defining the rate of 

shear-induced volume decrease (contraction) 
or pore pressure buildup 

0.067 0.035 0.022 0.005 0.005 

c2 * 5.0 5.0 3.0 0.5 0.5 

c3 * 0.2 0.1 0.05 0 0 

d1 * Dilation parameter Non-negative constants 

defining the rate of shear-induced volume 

increase (dilation) 

0.06 0.10 0.15 0.40 0.40 

d2 * 3.0 3.0 3.0 3.0 3.0 

d3 * 0.2 0.1 0.0 0.0 0 

liq1 * Parameters controlling the mechanism of 

liquefaction-induced perfectly plastic shear 

1.0 1.0 1.0 1.0 1.0 
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Parameter Description Loose 

Sand 

Medium 

Sand 

Medium-

dense Sand 

Dense 

Sand 

Stone Column 

liq2 * strain accumulation, i.e., cyclic mobility 0 0 0 0 0 

NYS * No. of yield surfaces 20 20 20 20 20 

cs1 * Parameters defining a straight critical-state 

line ec in e-p’ space 

0.9 0.9 0.9 0.9 0.9 

cs2 * 0.02 0.02 0.02 0.02 0.02 

cs3 * 0.7 0.7 0.7 0.7 0.7 

Patm (kPa)* Atmospheric pressure 100 100 100 100 100 

c (kPa) * Shear strength at zero effective confining 

pressure (cohesion) 

0.1 0.1 0.1 0.1 0.1 

* Model input parameters 

** Shear modulus relative to liquefiable material (i.e., loose silty sand, medium silty sand, and medium-dense silty sand) 

*** Bulk modulus is calculated from shear modulus and Poisson's ratio 
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Figure D.1: Conical yield surfaces for granular soils in principal stress space and 
deviatoric plane (after Prevost 1985; Yang et al. 2003; Elgamal et al. 2009) 
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Figure D.2: Back-bone curve at reference confining pressure p’r 
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Figure D.3: Back-bone stress-strain curve obtained from the yield surfaces  
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Figure D.4: Phase transformation surface 
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Figure D.5: Direct simple shear test schematic diagram 
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Figure D.6: Undrained cyclic DSS loading response of loose sand [(N1)60 = 7] 
under σ’vc = 100 kPa for 0, 2 and 5 degree slope corresponding to static shear 
ratio (τ/σ’vc) of 0.0, 0.035 and 0.087 respectively. 
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Figure D.7: Undrained cyclic DSS loading response of medium-dense sand 
[(N1)60 = 15] under σ’vc = 100 kPa for 0, 2 and 5 degree slope corresponding to 
static shear ratio (τ/σ’vc) of 0.0, 0.035 and 0.087 respectively. 
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Figure D.8: Undrained cyclic DSS loading response of medium-dense sand 
[(N1)60 = 22] under σ’vc = 100 kPa for 0, 2 and 5 degree slope corresponding to 
static shear ratio (τ/σ’vc) of 0.0, 0.035 and 0.087, respectively. 
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Figure D.9: Undrained cyclic DSS loading response of dense sand [(N1)60 = 35] 
under σ’vc=100 kPa for 0.1, 0.5, and 1.0 
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Figure D.10: Undrained cyclic DSS loading response of stone column (G = 423 
MPa) under σ’vc = 100 kPa for CSR of 0.1, 0.5, and 1.0 
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Figure D.11: Cyclic shear stress ratio versus number of uniform loading in DSS 
loading to cause single-amplitude shear strain of 3% for loose sand [(N1)60 = 7], 
medium-dense sand [(N1)60 = 15], medium-dense sand [(N1)60 = 22], and dense 
sand under σ'vc = 100 and α=0.0. 
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Figure D.12: Drained cyclic DSS loading response of loose sand [(N1)60 = 7] 
under σ’vc = 100 kPa and 300 kPa vertical confinement 
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Figure D.13: Drained cyclic DSS loading response of medium-dense sand [(N1)60 

= 15] under σ’ vc = 100 kPa and 300 kPa vertical confinement 
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Figure D.14: Drained cyclic DSS loading response of medium-dense sand [(N1)60 

= 22] under σ’ vc = 100 kPa and 300 kPa vertical confinement 
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Figure D.15: Drained cyclic DSS loading response of dense sand [(N1)60 = 35] 
under σ’ vc = 100 kPa and 300 kPa vertical confinement 
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Figure D.16: Drained cyclic DSS loading response of stone column (G = 423 
MPa) under σ’ vc = 100 kPa and 300 kPa vertical confinement 
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Figure D.17: Drained cyclic DSS loading response for loose sand [(N1)60 = 7], 
medium-dense sand [(N1)60 = 15], medium-dense sand [(N1)60 = 22], and dense 
sand obtained at confining vertical pressure (σ’vc) of 100 kPa and compared to 
EPRI (1993) curves for 0-6m depth and 36-76m depth: a) Shear modulus ratio vs 
shear strain b) equivalent hysteretic damping vs shear strain 
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Figure D.18: Drained cyclic DSS loading response for stone column with 
different low strain shear modulus obtained at confining vertical pressure (σ’vc) 
of 100 kPa and Rollins et al. (1998) curves: a) Shear modulus reduction curve b) 
equivalent hysteretic damping 




