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Large numbers of reinforced concrete (RC) bridges were built in the past that are now considered 

seismically deficient. The structural members most likely to be considered deficient are the 

supporting columns. Typical deficient columns contain inadequate transverse reinforcement and 

poorly detailed lap splice lengths above the foundation. Insufficient lap splice lengths can lead to 

bond failure and an inability to develop the strength of the longitudinal reinforcement. 

Deterioration of the mechanical bond between the longitudinal reinforcement bars and the 

surrounding concrete reduces the stiffness and strength of the column-footing joint and provides 

limited or no ductility. In addition, widely spaced transverse reinforcement may not adequately 

confine the base of the column. This permits premature buckling of the longitudinal 

reinforcement that may occur between transverse bar locations and poor confinement of the 

concrete core. Complete replacement of these bridges is not practical due to limited resources 



 
 

 
 

thus, rehabilitation of existing deficient infrastructure is a practical approach. In this research, 

titanium alloy bars (TiABs) were explored as an alternative material to retrofit RC columns with 

poorly detailed reinforcing steel above the footing. The well-defined material properties of TiABs 

have the potential to provide effective and economical seismic strengthening of deficient RC 

columns. Compared to conventional reinforcing steel, they have relatively low stiffness, high 

strength, high ductility, and are fully resistant to corrosion in the operating environment. The 

proposed installation allows for inspection of the members and the environmental durability of 

the TiABs make them a viable long-term solution for column strengthening. To evaluate the 

potential for using TiABs to remediate seismically deficient RC columns with poor lap splice 

details and inadequate transverse reinforcement that were common in the U.S. prior to 1970, four 

full-scale columns were tested. One was a control specimen without strengthening and the other 

three (3) had externally mounted TiABs. The specimens were subjected to fully reversed cyclic 

lateral loading in the laboratory. The experimental results showed improved ductility and stable 

cyclic response with minor flexural strength degradation in the specimens retrofitted with TiABs 

and the failure modes of the columns were altered from non-ductile lap splice failure in the 

conventionally reinforced column to ductile flexural failure in the retrofitted columns. They 

demonstrated that TiABs offer a new option for effectively strengthening seismically deficient 

square bridge columns. 
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1 INTRODUCTION 
 

Large numbers of reinforced concrete (RC) bridges were built in the past that are now recognized 

as seismically deficient. Two of the most common causes of seismic deficiencies in the RC columns 

are inadequate transverse reinforcement and poorly detailed lap splice lengths at the footing to 

column location. Seismic hazards are a threat to the resiliency of these transportation lifelines; 

however, complete replacement of seismically deficient bridges is not practical due to limited 

resources. Alternatively, rehabilitation and renewal of aging and deficient infrastructure is a most 

feasible approach. Many alternative materials and techniques are available to retrofit deficient RC 

columns and each has advantages and disadvantages. A new material for civil infrastructure that 

offers unique potential for seismic retrofitting is titanium alloy bars (TiABs). However, no 

experimental data are available to support the implementation of the material for such seismic 

strengthening applications. To explore their potential for seismic retrofitting of seismically 

deficient RC columns, experimental tests were undertaken in the laboratory using full-scale 

specimens. The specimens were designed to have vintage details and proportions that are widely 

recognized as being seismically deficient. Some specimens were retrofitted with Ti 6-4 bars to 

increase the confinement and provide alternate load paths for flexural resistance. The specimens 

were subjected to reversed cyclic lateral loading and the results of these experiments is reported. 

 

 

1.1 Motivation and Background 
 
 
The Cascadia Subduction Zone (Cascadia fault) is a megathrust fault located off of the western 

United States coastline, where the Juan de Fuca Plate has been gradually sliding beneath the North 

America Plate. The fault spans nearly 620 miles (998 km) along the Pacific Ocean, with the 
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northern end beginning at Vancouver Island, Canada and stretching to the south near Cape 

Mendocino in Northern California. The Cascadia Subduction Zone was only recognized at the end 

of the last century and now, paleoseismic research has estimated that the Pacific Northwest region 

of the United States has a 15 percent probability of experiencing an event exceeding M9.0 in the 

next 50 years (Goldfinger et al. 2012). However, bridge design codes were only changed to reflect 

the hazard beginning in the 1990s and as a result, bridges built prior to this period are not adequately 

designed for the current level of expected seismic hazard. Upon review of the Oregon Department 

of Transportation bridge database, it was observed that many bridges built in the 1950s and 1960s 

contained reinforced concrete columns with flexural and shear reinforcement inadequate to resist 

expected seismic demands. In particular, these columns contain widely spaced and low strength 

ties with small hooks that provide low confinement of the concrete or support of the main flexural 

steel and relatively short lap splices without supplemental confinement that are located above the 

footing at the column bases. Along Interstate-5 in Oregon, 69 bridges were identified that were 

built prior to 1970 and contained rectangular reinforced concrete columns. The columns most 

commonly consisted of #11 Intermediate Grade (Grade 40) reinforcing steel, the lap splice lengths 

above the footing averaged 30db, and #3 Intermediate Grade reinforcing steel ties spaced at 12 in. 

(305 mm) on-center. 

 

The poorly detailed lap splice lengths and inadequate transverse reinforcement are the primary 

source for insufficient ductility and poor performance of vintage columns subjected to cyclic loads 

(Cairns and Arthur 1979; ElGawady et al. 2010; Girard and Bastien 2002; Lukose et al. 1982; 

Melek and Wallace 2004; Paulay 1982). Although the plastic hinge zone of columns coincides with 

the column ends where the lap splices were placed, designers placed the splices at this location for 

ease of construction. It is now recognized that the lap splice lengths are insufficient to fully develop 

the column reinforcing steel before the lap splice bond strength is exceeded and this creates a bond-

slip failure mode (or lap splice failure) in which the starter bars anchored in the footing and the 
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column bars slide relative to each other, reducing the strength stiffness, displacement capacity, and 

strength of the columns when subjected to cyclic lateral loading. Secondly, inadequate transverse 

reinforcement permits buckling of the longitudinal reinforcement bars between tie locations and 

insufficient concrete confinement, resulting in loss of compressive axial load capacity and non-

ductile concrete behavior. Widely spaced transverse ties in rectangular reinforced concrete columns 

make them a particular concern because of their naturally low confining capabilities compared to 

circular columns.  

 

Removal and replacement of these types of bridges would be the most effective solution, however, 

the large numbers of structures needing replacement is simply too high and resources are too 

limited. Not only are these bridges now being used beyond their originally intended design life, but 

they are being required to resist a hazard for which they were not designed. These considerations 

lead to rehabilitation as the most practical solution. The objective of any retrofit approach is to 

provide the desired level of seismic performance in the most economical way. This research 

presents full-scale laboratory test results on the performance of seismically deficient square 

reinforced concrete columns retrofitted with externally mounted TiABs. 

 

TiABs have well-defined material properties including high strength, low stiffness, and negligible 

inelastic strain hardening compared to conventional reinforcing steel. They are light-weight (which 

make them easy to work with in construction), fully impervious to corrosion (so long-term exposure 

to the environment is not a concern), and have a coefficient of thermal expansion that is closer to 

concrete than reinforcing steel. The high cost of TiABs is a concern, however small diameter bars 

can be used because of the high strength and durability and simplified details allow for economical 

installation. The construction details allow for visual inspection of the materials within the retrofit 

for condition assessment after a seismic event.  
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The proposed retrofit using TiABs consisted of two parts and aimed to compensate for the common 

inadequate flexural and transverse reinforcement details that were observed in vintage RC columns. 

Vertical TiABs were embedded into epoxy-filled drilled holes in the footings and columns to 

provide an alternative flexural tension load path and self-centering or restoring mechanism to the 

column. A spiral TiAB reinforced concrete shell was added to provide confinement to the column 

core and bracing of the vertical TiABs which were unbonded along their length. The spiral TiAB 

reinforced shell was formed without concrete cover. The combined effects were intended to 

improve ductility and deformation capacity while controlling column flexural strength to preclude 

other undesirable failure modes. These features can produce more resilient bridges that are able to 

meet modern-day performance requirements and offer designers an alternative method to 

economically achieve larger deformation capacities in vintage columns. 

 

1.2 Research Significance 
 

Presently available retrofitting techniques all have some drawbacks that provide incentive to 

develop economical alternatives. The well-defined material properties of TiABs are advantageous 

for retrofitting RC columns with seismic deficiencies, but there are no experimental data on the use 

of TiABs for seismic retrofitting of RC columns. The goal of this research was to provide 

experimental data to evaluate the effectiveness of externally mounted TiABs for rehabilitating 

bridge columns to enhance seismic resistance. This research reports on the experimental testing of 

four square RC columns constructed and retrofitted in a manner as to simulate the application of 

TiAB retrofits on vintage bridges that are seismically deficient. The performances of the TiAB 

retrofitted specimens are compared to a reference RC column. All of the columns consisted of the 

same dimensions are were detailed according to mid-20th century design standards that included 

short lap splices and widely spaced transverse steel. The results of this study can be used to assess 
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the potential use of TiABs for seismic rehabilitation of poorly detailed RC columns in seismic 

areas. 

 

2 LITERATURE REVIEW 
 

The studies presented in this literature review are intended to assess areas of similar research, which 

have inspired the investigation of TiABs as an effective means of retrofitting deficient reinforced 

concrete bridge columns. They are divided into sections that focus on (1) characteristics of 

insufficient lap spllengths, (2) effective confinement, (3) effect of concrete grade, and (4) 

alternative retrofit strategies. 

 

2.1 Lap Splice Behavior 
 
 
Lukose et al. (1982) studied the behavior of reinforced concrete columns with lap splices under 

cyclic loading compared to repeated (monotonic) loading. They tested ten (10) full-scale column 

specimens measuring 18 ft. long with 12 in. x. 12 in. cross-sections. Reinforcement consisted of #6 

Grade 60 longitudinal steel bars placed at the corners of enclosed #3 Grade 60 ties. Splice lengths 

ranged from 24 to 45 bar diameters. Ties were spaced at 5 in. on-center. The study focused on the 

behavior of bond stresses and occurrence of bond failure from reversed cyclic loading. They 

concluded that reversed cyclic loads were more detrimental to the performance of the splices 

compared to repeated loads, where the number of cycles to failure was less in the specimen tests 

subjected to load reversals than those subjected to non-load reversals. They attributed this to cracks 

forming in two directions for each half-cycle; when loads were high, the crack region of each 

tension face overlapped, causing the crack systems to join and creating regions of disintegrated 

concrete. Additionally, localized concrete crushing at the rebar lug locations was suspected to have 
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a weakening effect on the cover concrete due to reversing curvature. Thus, high-level reversed 

cyclic flexural loads deteriorated the concrete bond at a higher rate and caused failure after fewer 

cycles, smaller loads, and lower ductility levels. 

 

Lukose et al. (1982) assessed the difference between bar slip in compression and tension lap splices. 

The strains in their test specimens showed that the stresses in the tension longitudinal reinforcing 

steel under loading were considerably higher compared to the compression steel, signaling that the 

contribution of bond stress was lower on the tension splice than on the compression splice. This 

was attributed to closed cracks which are able to provide an alternative load path for compression 

stresses whereas open cracks cannot transfer tension. They measured the observed slip between 

longitudinal reinforcing bars on the tension splices, which ranged approximately 4 to 8 times 

greater in magnitude than those measured for the compression splices. They recognized that loss 

of cover concrete worsened the amount of observed slip and that increases in compression slip 

occurred more noticeably once longitudinal cover splitting occurred. 

 

Paulay (1982) presented a design procedure to insure acceptable performance of earthquake-

resisting columns with lapped splices that included increasing the confinement of the lap splice 

region. This design feature is generally recognized as a potential weak spot in components of 

earthquake-resisting reinforced concrete elements. Even with the improved design, Paulay 

recommended that splices not be placed in regions where plastic hinges could develop, even when 

confined with a significant amount of transverse steel. However, for existing structures, the splice 

locations cannot be altered, therefore alternate approaches must be considered to overcome this 

deficiency. 

 

Many older reinforced concrete bridges feature lap splices in the column reinforcement, which 

designers intentionally placed at the lower column end for ease of construction. Starter bars for the 
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column reinforcement were placed during the footing construction and lapped with the longitudinal 

column reinforcement. Chai et al. (1991) called this “undependable flexural capacity”, when 

describing lap splice lengths of about 20 times the bar diameter as being insufficient to develop the 

yield strength of the longitudinal bars, particularly characteristic in columns with large diameter 

bars (#10 or #11). Consequently, flexural strength degrades rapidly during cyclic loading. 

 

Lynn et al. (1996) conducted a study on columns with short lap splices and widely spaced transverse 

hoops subjected to cyclic load reversals, finding that yield stress could be reached in longitudinal 

lap splice bars under cyclic load reversals. A total of three (3) full-scale columns were subjected to 

lateral deformation cycles with constant axial load at low (0.12Agf’c) and intermediate (0.35Agf’c) 

levels. The columns were constructed with short lap splices and widely spaced transverse hoops. 

Each of the columns was tested until either lateral load capacity or both lateral and axial load 

capacity were lost. Failure modes included localized concrete crushing, rebar buckling, lap splice 

failure and axial load collapse.  The prototype of the column was modeled after pre-1970’s 

construction. The column specimens had square cross-sections measuring 18 in. x 18 in. and were 

9 ft. 8 in. tall. Longitudinal reinforcement consisted of either eight (8) #8 or #10 grade 40 bars 

placed uniformly around the perimeter of #3 transverse ties spaced at 18 in. on-center. Transverse 

ties had 90o hooks and lap splice lengths were 20db (1 each) and 25db (2 each). They found that 

vertical cracking occurred along the lap splice lengths and then cracking progressed up the column 

at higher drift displacements. This led to rapid degradation of the lateral load resistance and 

complete loss of axial load-carrying capacity. Extensive cracking and degradation of concrete were 

concentrated in the region of the lap splice. Longitudinal bar strains indicated that the bars yielded 

at the point when vertical cracking initiated, demonstrating that the longitudinal bars were able to 

develop to a full yield stress of 48 ksi prior to the occurrence of rapid strength degradation. 
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Seible et al. (1997) identified lap splice failure as characteristic in cyclic response of columns when 

poor lap splice detailing was combined with insufficient transverse reinforcing because insufficient 

lap splice lengths have the potential to debond. Once this occurs, deterioration of bond ensues as 

cracks worsen in the cover concrete and dilation and cover concrete spalling increases. This then 

results in degradation of the flexural capacity of the column, which tends to occur rapidly at low 

flexural ductility levels. 

 

Girard and Bastien (2002) presented a finite-element model of the response of reinforced concrete 

columns subjected to cyclic loads. A segment of the paper provides an overview of the physical 

mechanism of bond degradation and provides a graphical representation of the stress-slip 

relationship that occurs during this process. In reference to a study by Lutz and Gergely (1967), 

they stated that the bond at a steel-to-concrete interface includes three components: chemical 

adhesion, friction, and mechanical interlocking between the concrete and rebar lugs. In a reinforced 

concrete axial element, axial stress on the longitudinal reinforcement is transferred to the 

surrounding concrete, producing a bond stress field around the reinforcing bar. When those stresses 

exceed the tensile strength of the concrete, cracks form and propagate to the surface, causing the 

bond transfer to drop rapidly. Slip behavior, defined as the relative displacement of the bar with 

respect to the concrete, is thus due to the evolution of concrete micro cracking around the deformed 

bar. The authors presented a typical bond stress-slip relationship that illustrates the transition of 

stress transfer by adhesion, followed by mechanical interlocking (stress transfer occurs by steel 

lugs resting against concrete), and ultimately only friction when the bond is broken. At the point 

where mechanical interlocking is the mode of stress transfer, if no confining reinforcement is 

provided, the cracks propagate to the concrete surface and bond resistance drops to zero. If the 

concrete is well-confined, additional load can be transferred. In the case of lapped bars, the stress 

transfer from one bar to the other causes outward pressure on the concrete and splitting cracks along 

the bars. These cracks are typically initiated at the ends of the splice. Particularly under severe 
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cyclic excitations, the degradation of bond stress around the splice degrades occurs relatively 

quickly. 

 

Melek and Wallace (2004) conducted a study on the cyclic behavior of reinforced concrete columns 

with short lap splices in order to observe the behavior of full-scale columns with lap splices 

subjected to axial and lateral load cycles, countering the results found by Lynn et al. (1996). The 

two core objectives of the testing were (1) to assess the loss of lateral load capacity and loss of axial 

load-carrying capacity and (2) to assess the influence of axial load on lap splices with moderate 

shear stress and light transverse reinforcement. Six (6) full-scale RC columns were tested as part 

of the experimental program. These each included lap splices of length 20db (approximately 43% 

of the tension lap splice required by ACI 318-11) and applied axial loads were low (0.1Agf’c), 

moderate (0.2Agf’c), and high (0.3Agf’c). Shear demands were held within 67-93% of the expected 

shear capacity. Axial load was held constant throughout the tests and lateral loads were applied in 

three cycles at monotonically increasing drift levels up to 10% drift. It was shown that lap splice 

failure (identified by degradation of lateral load capacity) occurred at approximately 60-70% of the 

nominal moment capacity, indicating that the longitudinal steel did not yield. In all of the tests, 

lateral strength degradation occurred at 1.0-1.5% drift levels. In addition, bond deterioration (bond 

slip) was observed near these drift levels. The two specimens with low axial load maintained axial 

load-carrying capacity to the maximum drift of 10%. The specimens with moderate and high axial 

loads experienced reductions in their load-carrying capacity at drift levels of approximately 7% and 

5%, respectively. It was noted that the reduction in axial carrying capacity occurred as a result of 

longitudinal bar buckling, initiated by the opening of the 90o hooks on the transverse ties. Three 

main conclusions were taken from this study: (1) displacement ductility was not observed in any 

of the specimens once lateral strength degradation occurred, (2) strength degradation resulted from 

bond deterioration between the reinforcement bars and surrounding concrete and the rate of 

degradation was dependent mainly on the displacement history, and (3) the ability of the columns 
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to maintain axial capacity even after lateral stiffness was lost indicated that failure of the splice do 

not create collapse hazard alone. 

 

2.2 Effective Confinement 
 
 
A number of studies have addressed specific column parameters and their role in confinement 

effectiveness. Effects of geometry, concrete strength, and transverse reinforcement are influential 

on effective confinement that is key to achieving ductility. The following paragraphs present their 

findings. 

 

Sheikh and Uzumeri (1980) studied the relationship between distribution of longitudinal steel and 

concrete confinement and ductility of square tied columns. The stress-strain curves were obtained 

for 24 short columns, measuring 6.5 ft. tall with 12 in. x 12 in. cross-section and subjected to 

monotonic axial compression loading. The columns were longitudinally reinforced with #4-7 Grade 

40 steel bars. The four (4) configurations varied in number of bars distributed around the perimeter 

of the transverse steel ties which ranged from 1/8 in. to 5/16 in. diameter bars. Tie spacing ranged 

from 1.13 in. to 4.0 in. The obtained stress-strain curves for the longitudinal steel configurations 

with three (3) bars per side demonstrated greater axial strength degradation compared to the steel 

configurations with four (4) or fiver (5) bars per side. This indicated that smaller bars distributed 

evenly along the tie perimeter provided better confinement than larger bars less evenly distributed. 

They concluded that well-distributed longitudinal steel was required in addition to rectangular ties 

in order to achieve high strength gain and increased ductility. Also, reduced tie spacing resulted in 

higher concrete strength and ductility. 

 

Moehle and Cavanagh (1985) assessed the effectiveness of ties in concrete members for achieving 

confinement for ductile design. Transverse reinforcement plays a large role in maintaining core 
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concrete strength in columns subjected to inelastic load reversals and it also produces better bond 

between the longitudinal reinforcement and surrounding concrete by providing confinement and 

preventing premature buckling of longitudinal reinforcement. The test program included specimens 

3 ft. tall with 12 in. x 12 in. cross-sections. Longitudinal reinforcement consisted of #6 gr. 60 steel 

placed uniformly around the section of each corner and midpoint of enclosed with #2 gr. 60 

transverse ties spaced at 1.5 in. on-center. A total of eight (8) specimens were tested which varied 

in transverse steel configuration and hook angle. Perimeter only transverse ties on specimens D1 

and D2 consisted of 135o hooks. Other hook angles varied from 90o to 180o. Tie spacing was the 

same for all specimens. The specimens were subjected to monotonic axial compression loads. The 

specimens D1 and D2 exhibited less ductility than the comparable specimens with increased 

transverse steel and did not have sufficient confinement to maintain flexural strength once the shell 

concrete was lost. Comparable specimens that varied only in hook angle showed that the specimens 

having 180o hooks exhibited more ductility. The specimens with 90o hooks eventually failed due 

to straightening and pull out from the concrete which led to loss in confinement provided by those 

ties. They further acknowledged that cyclic flexural loading in conjunction with axial loading 

would produce confinement effectiveness of all tie configurations because of progressive 

degradation of the hook anchorages, particularly for crossties having 90o hooks that are not 

anchored in the confined core which lessens degradation of the hook anchorage bond compared to 

less confined concrete. 

 

Sheikh and Yeh (1990) presented the influence of axial load levels, amount of longitudinal steel, 

and spacing of ties on performance of tied concrete columns. They tested three (3) concrete columns 

measuring 9 ft. tall with 12 in. x 12 in. cross-section consisting of #6 gr. 60 longitudinal bars spaced 

uniformly along #3 and #4 gr. 60 ties spaced at 5 in. and 4.5 in., respectively. The ties contained 

135o hooks. The specimens were subjected to monotonically applied flexural loads and subjected 

to constant axial loads of 0.61f’c, 0.74 f’c, and 0.78 f’c. The flexural resistance of the specimens 
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decreased quickly once the ties yielded, which was then followed by concrete crushing and rapid 

loss of moment capacity. Buckling between ties was identified prior to this occurring. Testing 

showed that higher axial load resulted in lower moment capacity, but the ductility achieved by the 

specimens was nearly the same. Lastly, they identified smaller tie spacing to produce higher 

moment capacities. Reduced tie spacing resulted in more confinement; larger tie spacing resulted 

in tie yielding and cover spalling that resulted in buckling of the longitudinal steel and loss of 

confinement. They concluded that reduced tie spacing would result in increased moment capacity 

and ductility unless anchorage of the ties was lost. 

 

Paulay and Priestley (1992) presented the compression stress-strain relationships from the Mander 

model for confined concrete by Mander et al. (Theoretical 1988a) and Mander et al. (Observed 

1988b) for tied and continuously confined sections for confined concrete in comparison to 

unconfined concrete. The compression strength of unconfined concrete as directly related to the 

effective confining stress, fl’, that could be developed at yield of the transverse reinforcement and 

depending on ke, coefficient of effective confinement, that related the minimum area of effectively 

confined core to the nominal core area bounded by the hoops (or spirals) or ties. For continuously 

confined sections, typical values of ke were 0.95 while for tied sections, typical values were 0.75. 

For tied sections with large aspect ratio, ke was 0.6. Circular hoops may fall in between the values 

for spirals and ties. The high confinement coefficient for continuously confined, or circular, 

geometries reflects the greater efficiency of circular transverse reinforcement to achieve 

confinement in concrete columns compared to rectangular ties. 

 

The theoretical expression for lateral confining pressure, fl, shows that it is inversely proportional 

to the longitudinal spacing of the ties or spiral. Experimental studies have also shown the influence 

of tie spacing on producing confinement. Watson et al. (1994) studied the effects of concrete grade, 

transverse steel configuration, level of axial load, and cyclic loading for the analytical stress-strain 
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response of confined concrete columns. These were used for deriving expressions for the quantities 

of transverse reinforcement required in order to achieve various curvature ductility levels in the 

plastic-hinge regions of columns. Cyclic loading was assumed to not have a degrading effect on 

the stress-strain behavior of confined concrete and that the monotonic stress-strain curve formed 

an envelope for the cyclic stress-strain loops. (This behavior was also identified by Paulay and 

Priestley (1992) in their discussion on the influence of cyclic loading on concrete stress-strain 

relationships, which was experimentally confirmed by Sinha et al. (1964).) Therefore, no 

modification of the monotonic stress-strain response was required for calculating flexural strength 

of concrete columns subjected to stress reversals. Overall, they found that the quantity of transverse 

reinforcement required for achieving specified curvature ductility levels increased with increasing 

level of axial load, increasing concrete strength, and decreasing longitudinal reinforcement ratio. 

 

Seible et al. (1997) applied CFRP jackets to columns to assess the effectiveness of confinement for 

square and circular geometries. They observed that it was common practice prior to 1970 to use 

small diameter hoops (#3 or #4) or ties spaced at 12 in., regardless of column size, longitudinal 

reinforcement, or seismic demands and that rectangular columns were particularly vulnerable 

because rectangular ties only provided confinement in the form of inward corner forces whereas 

circular hoops provided uniform confinement. They developed two retrofit types to pinpoint 

flexural confinement failure of the plastic hinge region and lap splice de-bonding, common in 

seismically deficient columns. These were applied to a rectangular column with dimensions 20 in. 

x 30 in. and to a circular column of diameter 24 in. Both columns were 12 ft. tall. Their study 

showed that resistance to lateral dilation and column bar buckling was better for circular jackets 

but this could also be achieved by rectangular ones when thick jackets are used (0.2 in. and 0.4 in. 

for rectangular and circular retrofits, respectively). Ductile response with no severe cyclic strength 

degradation was achieved by both of the retrofitted specimens, reaching ductilities of 6.3 and 7.8 

for the rectangular and circular columns, respectively. Overall, the carbon jackets increased the 
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ductility capacities of the columns without lateral strength degradation but they concluded that it 

was uneconomical to apply such thick jackets to rectangular sections and that an oval jacket should 

be applied by means of adding precast concrete segments around the column core to achieve the 

desired performance. 

 

Rochette and Labossiére (2000) studied confinement effects on axial members using carbon fiber 

composites and aramid fiber composites. They evaluated the influence of section shape on column 

strength. Corner radii of the sections were varied from 0.2 in. to 1.0 in. to evaluate the effects and 

evaluated as diameter-to-radius in the obtained stress-strain plots. The test specimens were 

subjected to monotonic uniaxial compression loading up to failure. Dimensions of the rectangular 

specimen were 20 in. tall with 6 in. x 8 in. cross-section. The square specimens were 20 in. tall with 

6 in. x 6 in. cross-section. Each of the column models failed when the composite wrapping ruptured. 

Rounding of the corners of the square sections allowed confinement to be most effective. In the 

stress-strain response of the specimen with corner radius of 0.2 in. (D/R = 30), rapid strength 

decrease occurred after the specimen reached peak compressive strength of f’c. For the specimen 

with corner radius of 1.0 in. (D/R = 6), perfectly plastic behavior was obtained once the specimen 

reached its peak compressive strength of f’c. Finally, the specimen with corner radius of 3.0 in. 

(D/R = 2), stiffening behavior was observed once the specimen reached compressive strength of f’c 

up to the point of rupture of the fibers. The maximum achieved compressive strength was 

approximately 1.7 f’c. No ductility was observed past the point of fiber rupture. 

 

Wang and Wu (2007) published an article about their findings on the effect of corner radius on the 

performance of CFRP-confined square concrete columns. Six (6) different column cross-sections 

with varying corner radii of 0 in. (square), 0.6 in., 1.2 in., 1.8 in., 2.4 in., and 3.0 in. (circular) were 

investigated. All of the specimens were 12 in. tall with 6 in. x 6 in. cross-section. The more rounded 

sections did a better job of confining a higher ratio of core concrete than their sharper-cornered 
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counterparts, assessed by their observed stress-strain behavior. Similar to Rochette and Labossiére 

(2000), they found that strain stiffening was achieved by the specimens with larger corner radii 

compared to the strain softening and compressive strength loss observed by the specimens with 

smaller corner radii. Wang and Wu (2007) concluded that the strength gain of the confined concrete 

columns was directly proportional to the corner radius ratio. This also applied to the cases where 

different confinement levels (jacket thicknesses) and concrete grades were tested. They concluded 

that for the columns with sharp corners, the effective confinement provided by the CFRP wraps 

was insufficient to increase the strength of the columns but sufficient to increase their ductility, as 

was concluded by Rochette and Labossiére (2000). 

 

2.3 Concrete Grade 
 
 
Mandal et al. (2005) investigated the effects of concrete grade to evaluate the confinement 

effectiveness of FRP circular jackets in axial concrete members. Both glass FRP (GFRP) and 

carbon FRP (CFRP) jackets were wrapped around concrete cylinders measuring 4 in. (O.D.) x 8 in. 

tall. They tested FRP wraps on concrete strengths ranging from 4500 psi to 11,750 psi. They found 

that for high-strength concrete, the confinement provided to the cylinders with FRP sheets did not 

drastically improve the stress-strain behavior of the confined concrete from that of the unconfined 

concrete and also only minor improvement in ductility. The increases in strength were 27%, 22%, 

and 25%, for one layer of GFRP, two layers of GFRP, and one layer of CFRP, respectively. In the 

lower strength concrete cylinders wrapped with FRP, large increases in both strength and ductility 

were observed. The increases in strength were 77%, 158%, and 140% over their comparative 

unconfined strengths for one layer of GFRP, two layers of GFRP, and one layer of CFRP, 

respectively. In general, it was found that at higher unconfined compressive strengths, the increase 

in compressive strength obtained by FRP wrapping decreased. The study also presented results 

quantifying the increases in ductility by comparing the strain values at peak compressive strength 
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for the unconfined samples, compared to the FRP-confined samples. The same general trend was 

found, which also reflects the reduction in ductility effectiveness of FRP wraps on high-strength 

concrete. According to this study, it may consequently be beneficial to work with lower 

compressive strength axial members in order for the added confinement to be used more efficiently 

as quantified by improved ductility levels. 

 

Ilki et al. (2008) conducted compression tests on reinforced concrete column specimens to observe 

effects of cyclic loading and cross-sectional shape for low and normal strength concrete. 24 square 

cross-sectional columns and 23 rectangular cross-sectional columns were tested. The specimens 

were wrapped with CFRP jackets and tested under monotonic or cyclic uniaxial compressive loads. 

Square specimens were of dimensions 10 in. x 10 in. and rectangular specimens measured 6 in. x 

12 in. Generally, the effectiveness of the CFRP wraps was quantified by the increase in confined 

concrete compressive strength vs. unconfined strength. The stress-strain relationships of the 

specimens were compared for those tested with monotonic loading vs. cyclic loading. The 

envelopes of the cyclic stress-strain curves were compared to the monotonic stress-strain curves. It 

was seen that for the square specimens, the curves nearly coincided while for the rectangular 

specimens; there was a reduction in strength in the case of cyclic loading. The confinement to the 

rectangular specimens by the FRP wraps was lower in the rectangular specimens, so these 

experienced larger residual plastic deformations from the inelastic deformation of the concrete as 

well as in the longitudinal and transverse steel bars. This caused the reduction in strength and 

degradation in axial stiffness for the rectangular specimens under cyclic loading. The authors also 

noted that the ultimate axial deformations were slightly higher in the cases of the cyclic loading 

tests compared to the monotonic load tests. They attributed this behavior to the long duration of 

loading for the cyclic loading tests, which would have included long-term load effects, such as 

creep. Similar to what was found by Mandal et al., the effectiveness of the FRP jackets for the low-

strength concrete specimens was greater in terms of strength and deformability enhancements. This 
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is also because of the lower dilation capacity of higher-strength concrete. It was concluded that the 

CFRP jacketing was more efficient and cost-effective on the low-strength concrete specimens. 

Failure modes of the specimens was sudden rupture of the CFRP sheets around the corners of the 

columns and were similar for both the low and normal strength concretes. However, in the low 

strength concrete specimens, the ultimate axial strains reached much higher values. The confined 

concrete compressive strength and corresponding axial strain in the low-strength concrete 

specimens increased between 1.4-6.9 times and 6.5-50.0 times, respectively. Comparatively, the 

confined concrete compressive strength and corresponding axial strain in the normal-strength 

concrete specimens increased between 1.5-3.6 times and 16.5-26.0 times, respectively. The authors 

concluded that the enhancement in strength and deformability was significantly higher when CFRP 

jacketing was applied to the low strength specimens, therefore the jacketing would be most cost 

effective and practical for existing structures with low-strength concrete. 

 

 

2.4 Alternative Retrofit Strategies 
 

Ehsani et al. (1994) presented an alternative to continuous FRP jackets in a study on the effect of 

wrapping columns with high-strength fiber composite straps in a spiral or tie formation to improve 

the confinement of the column cores, proposing increased ductility and strength, and restraint 

against buckling of the longitudinal bars. Both E-glass and carbon fiber straps were tested, selected 

as suitable materials for retrofitting of concrete columns. Testing of circular columns showed 

significant increases in the ultimate axial load and maximum moment capacity of the columns 

retrofitted with the straps, at 92% and 48% for the E-glass strap, respectively, and 162% and 83% 

for the carbon fiber strap, respectively (4000 psi concrete). Similar results were observed in the 

rectangular column tests. The study concluded that the stress-strain models for the columns 

reinforced with the composite straps indicated significant increases in compressive strength and 
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strain at failure compared to the conventional columns. The ductility factor of the retrofitted 

columns increased linearly as a function of strap thickness, but the rate of increase in ductility 

decreased with strap spacing. 

 

Katsumata et al. (1998) presented alternative retrofitting techniques using carbon fiber strand 

winding on rectangular reinforced concrete bridge columns. In one of the tests of a CFRP retrofitted 

column, the CFRP fractured at its strength limit and the column simultaneously lost lateral bearing 

capacity. The authors state that a solution is to provide adequate amount of material such that the 

strength limit is not reached. In a controlled laboratory setting, where the applied loads and 

displacements are known, it is a simple calculation to determine the quantity of retrofit material to 

use, however to resist an unexpected large magnitude earthquake the demand on column 

performance is unknown. In the case that the strength of the material is exceeded, causing rupture 

to the carbon fibers, loss of load bearing capacity would be detrimental. Alternatively, in the column 

tests where the CFRP did not fracture, ductile performance was achieved. 

 

A compression test study by Xiao and Wu (2000) on CFRP wrapped concrete cylinders noted the 

brittle failure mode of the cylinders upon rupture of the CFRP. A total of 36 cylinders were tested, 

all 6 in. diameter and 12 in. tall, and varied in concrete strength and number of layers of CFRP 

applied. The final failure mode of the cylinders corresponded to the rupture of the carbon fiber 

jackets and was explosive. An alternative study conducted in Japan (Katsumata et al., nd.) was 

intended to investigate application techniques of carbon fiber composites for reinforced concrete 

column retrofitting. Because CFRP is brittle, it cannot be used for hysteretic energy dissipation, 

unlike other materials that possess ductility. However, because it is very strong it can be used for 

transverse reinforcement. Two methods of CFRP application were tested on rectangular reinforced 

concrete columns, both resulting in flexural failures and demonstrating higher ductility than that of 

the un-retrofitted specimen. Also being compared was the performance difference between highly 
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or slightly retrofitted columns. For the highly retrofitted column, flexural failure was obtained. For 

the slightly retrofitted column, the CFRP fractured at the expected deformation demand and the 

column simultaneously lost lateral load bearing capacity. 

 

Iacobucci et al. (2003) used CFRPs at the bases for seismic resistance of square reinforced concrete 

columns. Tests were conducted on eight columns each measuring 12 in. x 12 in. To achieve better 

confinement in the rectangular columns, the column corners were rounded before the CFRP was 

applied. Substantial dilation of the CFRP-wrapped regions was observed before failure of the 

columns. Failure occurred with buckling of the longitudinal reinforcement and rupture of the CFRP 

fibers at the column corners. Extensive damage was consequential of the rupture of the fibers. 

 

Bousias et al. (2004) conducted a study on rectangular reinforced concrete columns with various 

lap splice lengths and CFRP jacket retrofits. For tests on columns with straight bar lap splices, lap 

splice lengths of 15db, 30db, and 45db were investigated. The assumption is that lap splice lengths 

less than 45db were inefficient to avoid lap splice failure or reach yield of the longitudinal bar. The 

alternative variable is the number of CFRP layers applied to the column, using both 2 layers and 5 

layers. No rupture of the CFRP was reached and maximum sustained drift was 3.4%. For lap splice 

lengths of 30db, 2 layers were inadequate. Initial stiffnesses of the specimens were unaffected. 

 

Schlick and Breña (2004) investigated bridge columns retrofitted with thin FRP jackets as an 

economical solution to minimize the cost of retrofitting. The FRP jackets were applied at the base 

of the column, where plastic hinging was expected. Six quarter-scale test specimens (2 control 

specimens and 4 retrofitted) were designed to simulate typical circular bridge columns constructed 

in the early 1960’s. Reinforcement was similar to that used in regions of low or moderate seismicity 

at the time. They found that failure of the control specimens was due to lap splice failure at the base 

of the columns at a displacement ductility of 2, indicated by lateral strength loss. The columns 
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retrofitted with carbon and aramid composite jackets sustained higher drifts compared to the control 

specimens. Plastic hinges formed within the FRP confined region in three out of the four FRP 

wrapped columns, which maintained lateral-load strength to displacement ductilities of about 5, 

while the fourth FRP wrapped column formed a plastic hinge outside of the FRP region at a ductility 

displacement of 4. 

 

Shuenn-Yih Chang et al. (2004) used pseudo-dynamic testing methods to model hysteretic response 

of three reinforced concrete bridge columns at 0.4-scale. The columns were designed using the 

1995 Taiwan Bridge Design Code to replicate newly constructed bridges designed according to the 

most recent design codes. Following the 1999 Chi-Chi earthquake in central Taiwan, nearly 10% 

of bridges in the area experienced moderate to severe damage, including collapse. Even bridges 

designed according to most recent seismic design codes experienced damage during the earthquake. 

In the event of similar effect, it would be necessary to restore damaged bridges immediately for 

emergency access. Ground motion history of the Chi-Chi earthquake was used as seismic input to 

the three test specimens. Two of the specimens were damaged and eventually failed in the plastic 

hinge region following initial testing. These were then retrofitted with CRFP composite sheets 

around the plastic hinge zone and retested using the same ground motion to simulate the 

rehabilitation of already damaged columns. The initial stiffness of the repaired columns was about 

72% of that in the undamaged state, although the strength and ductility of the repaired columns 

were largely restored after the CFRP jackets were applied as well as developing greater external 

confinement at larger lateral displacements. It was also found that the flexural stiffness of the 

repaired specimens was more stable than that of the unrepaired specimen. The study concluded that 

the seismic performance of the damaged reinforced concrete bridge columns was effectively 

recovered after being repaired with CRFP composite sheets and columns designed to modern codes 

may not be able to develop full ductility. 
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Haroun and Elsanadedy (2005) conducted a study of FRP jackets on reinforced concrete bridge 

columns with insufficient lap splice detailing. The study included retrofits of both circular and 

square half-scale bridge columns. A total of five square columns were tested, specimen RF-A1 as 

the reference column, and specimens RF-R1 through RF-R4 each retrofitted with four different 

composite jacket systems. The columns each measured 12 ft. and with 24 in. x 24 in. cross-section. 

Longitudinal reinforcement consisted of #6 grade 40 bars uniformly distributed around the enclosed 

#2 grade 40 transverse ties. Lap splice lengths were 20db. The retrofit designs were based on the 

Caltrans allowable radial dilating strain of 0.001 to achieve lap splice clamping and maintain fixity 

at the column base. Two of the specimens (RF-R1 and RF-R2) were retrofitted with carbon/epoxy 

composite jackets of thickness 0.16 in. Premold mortar blocks were used for the jacket 

configuration on specimen RF-R3 which were applied to the column faces to create a rounded 

surface of the retrofit jacket (curvature radius of approximately 28.5 in.; not circular). It was then 

wrapped with a carbon/epoxy composite jacket of thickness 0.10 in. The fourth retrofitted specimen 

was wrapped with an E-glass/vinyl ester composite jacket of thickness 0.90 in. All jackets were 

applied to a height of 1.33 times the length of the lap splice. Results of the square column tests 

were unsatisfactory; compared to the obtained displacement ductility and drift ratio of the as-built 

column of 0.8 and 1.02%, respectively, the retrofitted specimens did not perform much better. 

Maximum obtained displacement ductility of the retrofitted specimens was 2.7 with corresponding 

drift ratio of 3.39% (corresponding to specimen RF-R3). The as-built column failed due to bond 

deterioration at the lap splice zone and the square jacketed columns showed limited improvement 

in clamping on the lap splice region. Each of these specimens also failed due to lap splice slippage 

at low ductilities. 

 

ElGawady et al. (2010) tested rectangular columns with deficient lap slices (20 to 35 times column 

longitudinal bar diameter) using CFRP jacket retrofits in order to increase the ultimate bond stress 

between the splice bars and to keep the ultimate stress level nearly constant while the base of the 
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columns sustain large rotations. Eight specimens were tested using lap splice length of 35db for #4 

deformed longitudinal bars. They found that the failure mode of the jacketed columns altered from 

lap splice failure and/or flexural failure to low-cycle fatigue rupture of the longitudinal bars and 

that damage in the retrofitted specimens was concentrated at the gap between the jacket and base 

of the columns. The retrofitted specimens maintained their lateral strength to displacement 

ductilities of 7 or more, approximately 1.1-1.4 times greater than those reached by the as-built 

specimens, concluding that the increase in strength was proportional to the amount of CFRP 

provided with the retrofitting. The retrofitted columns also displayed more stable hysteretic 

response, resulting in higher energy dissipation and higher effective damping ratios. Peak tensile 

strains ranged from 4%-38% of the CFRP fracture strain. The strains in the rectangular CFRP 

jackets were much higher than those sustained by the circular jackets. Implementation of ACTT 

design criteria provided by Innamorato et al., (1995) allowed the columns to achieve high 

displacement ductilities without sign of lap splice failure. 

 

Abedi et al. (2010) suggested that strengthening columns with steel jackets in potential plastic hinge 

regions could improve their seismic behavior of and enhance the use of rectangular steel jackets 

for retrofitting ordinary reinforced concrete columns. The test utilized rectified steel jackets (thin 

steel plates welded together to form a jacket) for improved shear strength, as well as stiffeners 

welded to the potential plastic hinge region of the test specimen to add confinement. Compared to 

FRP jackets, the rectified steel jackets required less space and increased flexural ductility. The 

findings concluded that the use of stiffeners as reinforcement of the steel jackets showed decrease 

in the amount of degradation of shear strength for the retrofitted specimens under cyclic loading. It 

was also found that the stiffeners showed no sign of increasing the initial elastic stiffness of the 

columns but effectively increased the plastic stiffness in the inelastic range of the columns. The 

longer stiffeners led to increased energy dissipation capacity and the minimum length for the 
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stiffeners to be effective was 1.1-1.2 times the length of the plastic hinge region. Lastly, the thicker 

plate stiffeners improved hysteretic behavior in the columns and improved flexural capacity. 

 

Retrofitting reinforced concrete bridge girders with inadequate flexural and shear 

reinforcement with TiABs was applied in a laboratory setting and subjected to monotonic 

loading at Oregon State University by Amneus (2014) and Barker (2014). It was done using a 

construction method called Near-Surface Mounting (NSM) in which grooves were saw-cut into 

the concrete surface and the TiABs are bonded into the grooves with structural epoxy. Their 

studies demonstrated promising results, inspiring the application of TiABs on columns for 

seismic rehabilitation. 

 

The only other current application of titanium-alloys in civil engineering is with shape-memory 

alloys (SMAs) but are used for a much different application than for retrofitting with TiABs on 

bridge columns. Majo and Negret (1998) used of nickel-titanium (NiTi) SMA strands as pre-

stressing strands in beams, arguing that the advantage of using SMAs was that the pre-stress force 

in the strands could be increased or decreased as needed. Thus, the structure could accommodate 

additional loading where required or recover pre-stress losses. Graesser and Cozzarelli 

(1991) suggested using NiTi SMAs as seismic dampers by testing the energy-absorbing properties 

of Nitinol and considering the effect of loading history and hysteretic characteristics of the wires. 

DesRoches et al. (2004) also considered NiTi SMAs for seismic damping, suggesting that their re-

centering capabilities could potentially be well suited for seismic applications. 
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3 EXPERIMENTAL PLAN AND PROCEDURE 
 

An experimental program was developed to evaluate the performance of RC columns retrofitted 

with TiABs subjected to cyclic lateral loading. The program consisted of four full-scale square RC 

bridge columns constructed in the laboratory. The dimensions and loading of the column specimens 

was selected after analysis of geometrical information for vintage RC columns in the Oregon 

Department of Transportation bridge database. The specimens were configured in the laboratory as 

cantilever columns on a footing that was attached to the laboratory floor. 

 

3.1 Conventional Column Design 
 

The specimens are representative of typical square reinforced concrete bridge columns designed 

according to pre-1970’s design standards. The overall geometry of the columns was 13 ft. (3.96 m) 

tall with 24 in. by 24 in. (0.61 m x 0.61 m) cross-section. The columns rest on top a 6 ft. by 6 ft. 

(1.83 m x 1.83 m) footing block that was 2 ft. (0.61 m) tall. The total height of the column specimens 

was 15 ft. (4.57), measured from the top of the strong floor to the uppermost point of the column. 

Total weight of the specimens was 18.6 kips (82.7 kN). The center axis of the horizontally 

positioned actuator was measured 14 ft. (4.23 m) from the top of the strong floor. Figure 3-1 

provides a schematic of the overall specimen geometry. 
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Figure 3-1: Schematic of overall specimen geometry and load points 

 

Reinforcement of the columns was selected according to the as-designed reinforcement in a typical 

column taken from Oregon State Highway Department Bridge Division drawings of the 1957 

McKenzie River Bridges. These drawings are provided in Appendix A. The longitudinal 

reinforcement in the designed columns consisted of four ASTM A305 square 1-3/8” x 1-3/8” (34.9 

mm x 34.9 mm) (denoted as #11 bars in drawings) steel reinforcement bars of Intermediate Grade 

(with nominal yield stress of 40 ksi (275 MPa)). The longitudinal reinforcement in the column 

specimens consisted of four #10 (#32M) reinforcement bars (oriented in strong axis) located at the 

corners of the column with nominal yield stress of 60 ksi (415 MPa). The smaller #10 (#32M) bars 

were selected as the nominal strength and development length equivalent to the larger square #11 
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(#36M) reinforcement bars based on yield strength of approximately 76 kips (338 kN) per 

reinforcement bar (square #11 Gr. 40 (gr. 275) bars have nominal yield strength of 75.6 kips (336 

kN) and round #10 (#32M) gr. 60 (Gr. 415) bars have nominal yield strength of 76.0 kips (339 

kN)). Transverse reinforcement consisted of #3 (#10M) square ties having overlapping 90o hooks 

and spaced along the column height at 12 in. (305 mm) on-center. The lowermost tie was located 

6 in. (152 mm) above the top of footing elevation. The hook length of the ties was not specified in 

the bridge drawings so it was selected according to the 1957 publication of the CRSI Design 

Handbook on details for standard hooks from the ACI Manual of Standard Practice for Detailing 

of Reinforced Concrete Structures (CRSI 1957). The hook length was 2.5 in. (63.5 mm) for the 

design. Clear cover in the columns was 1.5 in. (38.1 mm). The nominal yield stress of the transverse 

reinforcement for the column specimens was 40 ksi (275 MPa). See Figure 3-2 for the as-built 

column cross-section design. 

 

 

Figure 3-2: Cross-section of column specimens to represent vintage designs 

 

The lower yield stress used for the ties in the column specimens corresponds to ASTM A305 

Intermediate Grade reinforcing steel prescribed in the 1950’s and 1960’s and provides similar 

transverse strength and stiffness as the in-service columns. Grade 40 (grade 275) is not available 
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for large diameter reinforcing bars and thus higher grade steel was used which necessitated the use 

of smaller diameter flexural bars. The higher strength but smaller diameter bars provide similar 

strength and development length but lower dowel resistance and flexural stiffness than the larger 

diameter-lower strength bars.  

 

The conventional column and two of the retrofitted columns contained lap splices above the footing 

elevation, denoted by an ‘L’ in the specimen name. The lap splices consisted of a 90o hooked 

foundation bar that extended 3 ft. (0.91 m) out of the footing (this corresponds to 26 bar diameters 

equivalent to Grade 40 #11’s). Nominal yield stress of the footing and column longitudinal 

reinforcement was 60 ksi (415 MPa). The longitudinal column bars were tied to the footing bars 

using mild steel tie wire at three locations evenly spaced along the length of the splice. Hook length 

of the foundation bar was not specified in the bridge drawings so it was selected according to the 

1957 CRSI Design Handbook. Hook lengths of the lapped bars were 16 in. (406 mm). Details of 

the lap splice are shown in Figure 3-3. 
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Figure 3-3: Lap splice detail 

 

An extension of the vertical rebar at the top of the specimens was required as an adaption for the 

longitudinal reinforcement design, as shown in Figure 3-4.  
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Figure 3-4: Longitudinal steel reinforcement extension detail (left- front view, right- side view) 

 

Tie spacing was decreased in the upper 4.5 ft. (1.37 m) of the column specimens for additional 

shear reinforcement near the load point of the columns, as shown in Figure 3-5.  
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Figure 3-5: Shear reinforcement near column loading point 

 

The reinforcement in the footings was designed to accommodate expected axial and shear forces 

and flexural demands produced during testing. This section was over-designed to ensure failure of 

the column in the region of interest. Figure 3-6 provides a plan view of the foundation 

reinforcement details. Section cuts from Figure 3-6 are shown in Figure 3-7: Footing section A-A 

through Figure 3-11. Nominal yield strength of all reinforcement bars in the footings was 60 ksi 

(415 MPa). Clear cover for all footing reinforcement was 2 in. (50.8 mm). 
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Figure 3-6: Footing plan 

 

 

Figure 3-7: Footing section A-A 

 

 

Figure 3-8: Footing section B-B 
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Figure 3-9: Footing section C-C 

   

 

Figure 3-10: Footing section D-D 

   

 

 

Figure 3-11: Footing section E-E 
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3.2 Titanium Alloy Retrofit 
 

Three of the columns were retrofitted with TiABs, denoted by an ‘RS’ or ‘RT’ in the specimen 

name (‘S’ represents the shorter retrofit height and ‘T’ represents the taller retrofit height). Ti 6-4 

is the notation for the composition of the TiABs (6% aluminum and 4% vanadium). 

 

Each retrofit consisted of eight vertical TiABs (two bars anchored to each column face spaced at 

third points) and a continuous circular spiral TiAB that was wrapped around the lower portion of 

the column. The ends of the bars were anchored into the column faces at the top and in the footing 

at the bottom. Three different lengths of vertical TiABs were used in each column to stagger the 

terminations. The three variable length TiABs allowed for a transition of longitudinal force around 

the column perimeter rather than a single location to reduce the concentration of stresses. Each 

vertical TiAB was fabricated with a 7.5 in. (191 mm)-long 90o threaded extension on the hook. The 

lower ends of the bars were fabricated with 20 in. (508 mm)-long threads and were placed into 

holes that were hammer-drilled into the footing to a depth of 22 in. (559 mm). The remaining length 

of the vertical TiABs were smooth where they extended above the footing and below the 90o hooks. 

The nominal diameter of the vertical TiABs was 5/8 in. (15.9 mm) and the bend diameter of the 

90o hook was 5 in. (127 mm), as shown in Figure 3-12. The nominal yield stress of the vertical 

TiABs was 140 ksi (965 MPa) which was used in the design of the specimens. 

 

 

Figure 3-12: Vertical TiAB detail 
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A photo of the threaded 90o hook on a sample vertical TiAB is shown in Figure 3-13. 

 

 

Figure 3-13: Threaded 90o hook on vertical TiAB 

 

The bar diameter of the TiAB spirals was 3/8 in. (9.5 mm) and the wrap diameter was 34 in. (864 

mm). The TiAB spirals were not threaded. The top spiral was anchored into the column and the 

bottom spiral was anchored into the footing for specimen C2-LRT. The top and bottom spirals were 

anchored into the column sides for specimens C3-LRS and C4-RT. Anchorage depth of the TiAB 

spiral ends was 8 in. (203 mm). The ends of the TiAB spirals were heated with an oxyacetylene 

torch in the laboratory to produce a 90o hook, as shown in Figure 3-14. The nominal yield stress of 

the TiAB spirals was 140 ksi (965 MPa) which was used in the design of the specimens. 
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Figure 3-14: Straightened end of spiral TiAB and 90o anchorage hook 

 

The material properties and production method (dead lay) of the TiAB spirals allowed the spiral to 

easily open and be wound around the column without permanent deformation and the coil naturally 

contacted the corners of the column. The spiral could be wrapped around the column by a single 

person without exertion. No other concrete preparation was required other than drilling eight (8) 

holes in the column face and eight (8) holes in the footing to anchor the ends of the vertical TiABs 

and two (2) holes to anchor the TiAB spiral. 
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Two different retrofit heights were considered in this study. The heights were designed according 

to current required lengths for lap splices from ACI 318-11 Section 12.2.3 for development of 

deformed bars in tension. For 3300 psi (22.75 MPa) normal-weight concrete, uncoated #10 (#32M) 

gr. 60 (gr. 415) reinforcement, clear cover >db, and clear spacing >2db, the required lap splice length 

for deformed bars in tension is 52db, or 66.0 in. (1.68 m). 

 

The height of the retrofit for specimen C2-LRT was 60 in. (1.52 m) (1.67 times the length of the 

lap splice, ls), which extended 24 in. (0.61 m) above the column reinforcing steel lap splice. It 

consisted of vertical TiAB lengths of 76 in. (1.93 m) (3 each), 70 in. (1.78 m) (3 each), and 64 in. 

(1.63 m) (2 each). After installation of the vertical TiABs, a TiAB spiral was wrapped around the 

column base and placed at a pitch of 2.5 in. (63.5 mm). The as-built height for the tall retrofit on 

Column C2-LRT was 61 in. (1.55 m), measured from the top of the footing to the location where 

the top spiral was anchored to the column. See Figure 3-15 for detail. 
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Figure 3-15: Retrofit detail on specimen C2-LRT 

 

The height of the retrofit for specimen C3-LRS was 4.33 ft. (1.32 m) (1.5 times the length of the 

lap splice, ls), which extended 16 in. (0.41 m) above the top of the column reinforcing steel lap 

splice. It consisted of vertical TiABs of lengths 70 in. (1.78 m) (3 each), 64 in. (1.63 m) (3 each), 

and 58 in. (1.47 m) (2 each). The corresponding TiAB spiral was placed at a pitch of 1.5 in. (38.1 

mm) along the upper 16 in. (0.41 m) over the region containing the vertical bar hook anchorages 

and at a pitch of 2.5 in. (63.5 mm) over the remaining height. A double wrap was added for the first 

spiral on specimen C3-LRS. The as-built height retrofit on Column C3-LRS was 51.5 in. (1.31 m). 

See Figure 3-16 for detail. 
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Figure 3-16: Retrofit detail on specimen C3-LRS 

 

The tall retrofit design was also applied to specimen C4-RT but with pitch spacing of 3 in. (76.2 

mm) on-center along the lower portion of the retrofit. The as-built height for the tall retrofit on 

specimen C4-RT 59.5 in. (1.51 m), measured from the top of the footing to the location where the 

top spiral was anchored to the column. See Figure 3-17 for detail. 
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Figure 3-17: Retrofit detail on specimen C4-RT 

 

For all three retrofitted specimens, the volume within the spiral TiABs were filled with concrete 

and intentionally resulted in no cover over the TiAB spiral. 

 

The vertical TiABs were designed to be anchored flush against the sides of the column and the 90o 

hook anchored such that the inner side of the bend was in contact with the edge of the column. The 

TiAB spirals were designed to be wrapped tightly around the column such that the bars were in 

contact with the column corners. See Figure 3-18 for cross-sections of the retrofitted columns. 
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Figure 3-18: Cross-section of specimens C2-LRT, C3-LRS, and C4-RT 

 

In order to get the bend of the vertical TiABs to rest against the column, rounding out of the bottom 

side of the drilled holes was required prior to anchorage, as shown in Figure 3-19. 

 

 

Figure 3-19: Drilled holes for vertical TiAB hook anchorages 
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Some of the drilled holes in the footings of specimens C3-LRS and C4-RT for the ends of the 

vertical TiABs were not positioned closely to the column face, causing there to be space in between 

the vertical TiABs and the column sides, as shown in Figure 3-20. 

 

 

Figure 3-20: Drilled hole for footing anchorage of vertical TiAB on specimen C4-RT 

 

While installing the TiAB spirals, #3 reinforcement bars cut to the length of the height of the retrofit 

were used to tie each side of the spiral to it at predetermined locations in order to maintain proper 

spiral pitch. The concrete fill within the TiAB spirals were isolated from the column concrete to 
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prevent it from bonding and becoming composite with the underlying concrete by wrapping the 

retrofitted column specimens with plastic sheeting before casting the shell, as shown in Figure 3-21. 

The shell was cast directly against the footing for specimen C2-LRT but a 1 in. (25.4 mm) thick 

foam insulation board was placed between the shell and the top of the footing to isolate these 

elements for specimens C3-LRS and C4-RT. 

 

 

Figure 3-21: Procedure for pitch control and concrete shell debonding 

 

A flexible polycarbonate sheet was used for the retrofit form that was wrapped and tightened around 

the spiral cage after installing the TiABs, as shown in Figure 3-22. 
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Figure 3-22: Erection of circular polycarbonate retrofit form 

 

Specimen C4-RT was initially constructed with lap splices but after casting the concrete for the 

column, they were removed by cutting the longitudinal footing bars at the top of footing elevation. 

This was conducted by hammer-drilling the concrete at the bases of the column corners to expose 

the foundation bars. See Figure 3-23. 
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Figure 3-23: Foundation bar cut for lap splice removal 

 

Once the bars were cut, the removed concrete at the bases of the column corners were patched with 

conventional grout. Installation of the TiAB retrofit was then performed as described for the prior 

specimens and included the 1 in. thick insulation board between the concrete shell and top of the 

foundation. 

 

3.3 Construction Sequence 
 

The specimens were constructed using two concrete placements for the conventional column, C1-

L, and three concrete placements for the retrofitted specimens, C2-LRT, C3-LRS, and C4-RT. 

Firstly, the footing was cast, and then the column was cast after the footing had cured. For the 

retrofitted specimens, the TiAB reinforced retrofit shell was cast after the column had cured. The 
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footings for specimens C1-L and C2-LRT were cast on the same date and footings for columns C3-

LRS and C4-RT were cast on the same date. All of the columns were cast at different dates, as were 

each of the retrofit shells. The concrete mixture for the footings and columns were designed to 

provide properties that are consistent with concrete proportions and mechanical properties from the 

age of construction and considering long-term strength gains over time in service. The concrete 

mix contained ¾ inch (9.5 mm) maximum aggregate size and had a 28-day design compressive 

strength of 3 ksi (21 MPa). The mix used to fill the TiAB reinforced concrete shell contained 3/8 

inch (4.75 mm) maximum aggregate size and had a 28-day design compressive strength of 4 ksi 

(28 MPa). 

 

Anchorage of the TiABs to the columns was done by drilling and epoxy bonding the bars into the 

column and foundation. The TiABs were anchored to the specimen using structural epoxy which 

was allowed to cure for no less than 24 hours prior to stressing of the bond. At the time of anchoring 

the TiABs to specimen C2-LRT, the internal concrete temperature was below the minimum 

specified by the manufacturer so the specimen was tented and heated prior to anchoring the TiABs. 

Ambient temperature during anchorage of the TiABs for retrofits of specimens C3-LRS and C4-

RT was adequate for the concrete temperature without supplemental heating. Figure 3-24 shows 

the spiral cage on column C2-LRT during tenting. Heating of the column continued until the epoxy 

had been allowed to cure for 24 hours. 
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Figure 3-24: Space-heating of specimen C2-LRT for TiAB anchorages 

 

A summary of the average day-of-test compression and tensile strengths based on three (3) cylinder 

tests for all elements (footing, column, retrofit shell) is provided in Table 1. 

 

Specimen 
Column concrete 

compressive strength 
(day of testing) 

Column concrete 
tensile strength 
 (day of testing) 

Shell concrete 
compressive strength 

(day of testing) 

Shell concrete 
tensile strength 
(day of testing) 

C1-L 4440 psi (30.3 MPa)* 520 psi (3.6 MPa) N/A N/A 

C2-LRT 4210 psi (29.0 MPa) 490 psi (3.4 MPa) 3420 psi (23.6 MPa) 490 psi (3.4 MPa) 

C3-LRS 3710 psi (25.6 MPa) 870 psi (6.0 MPa)** 5050 psi (34.8 MPa) 540 psi (3.7 MPa) 

C4-RT 3660 psi (25.2 MPa) 650 psi (4.5 MPa)** 3250 psi (22.4 MPa) 430 psi (3.0 MPa) 

Table 1: Experimental test matrix 

*Assumed concrete strength based on split cylinder test relationships 
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**Assumed concrete strength based on concrete strength vs. age relationship 

 

A summary of the ages of the columns and retrofit shells is provided in Table 2. 

 

Specimen Column concrete age 
(day of testing) 

Shell concrete age 
(day of testing) 

C1-L 97 days N/A 
C2-LRT 169 days 35 days 
C3-LRS 126 days 70 days 
C4-RT 140 days 21 days 

Table 2: Test day ages of concrete elements 

 

The compression test cylinders for Column C1-L were defective so the compressive concrete 

strength was estimated based on the average correlation observed between the split cylinder and 

compression cylinder test results from specimens C2-LRT, C3-LRS, and C4-RT. The equation for 

calculating the average scale factor for rupture stress to the square root of crushing stress is given 

by Equation 1. 

 

r cf fα=        Eq. 1 

 

where fr is the average test day tensile strength in psi, α is the scaling constant, and fc is the average 

test day compressive strength in psi. 

 

The average value for α was computed from the results of the compression and tension test 

cylinders from cylinder testing of the concrete batches for all elements besides specimen C1-L. The 

average calculated value for α was 7.8. The average tensile strength of the test day cylinders for 

specimen C1-L was 520 psi (3.6 MPa). The controlling failure mode for specimen C1-L is highly 

dependent on the tensile strength. 
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The split tests for the specimen C3-LRS and C4-RT cylinders were performed at a date later than 

day-of-test. The values shown in Table 1 are those computed from the relationship between 

concrete age and compressive strength, as given by Eq. 2 (Wight and MacGregor 2012). 

 

( ) '
4 0.85t t

tf t f
t

 =  + 
     Eq. 2 

  

where t is the age of concrete in days, ft is the concrete tensile strength in psi, and f’t is the concrete 

tensile strength at 28 days in psi. 

 

3.4 Tension Tests 
 
 
The material properties for the TiABs and reinforcing steel bars were determined from uniaxial 

tension tests of the bars. Tests were conducted in according with ASTM E8. The specimens 

contained #3 (#10 M) transverse reinforcement and #10 (#32M) longitudinal reinforcement. Six 

samples were tested for the #3 (#10M) bars and three samples were tested for the #10 (#32M) bars. 

The nominal yield stress of the #3 (#10M) bars was 40 ksi (275 MPa), corresponding to yield strain 

of 1380 µε for nominal elastic modulus of 29,000 ksi (200 GPa). The nominal yield stress of the 

#10 (#32M) bars was 60 ksi (415 MPa), corresponding to nominal yield strain of 2070 µε for 

nominal elastic modulus of 29,000 ksi (200 GPa). The required force to obtain the ultimate stress 

of the #10 (#32M) bars was too large for the available universal testing machine at the laboratory 

so the #10 (#32M) bars were machined into the ASTM designated 505 tensile coupon shape. These 

coupons have a nominal diameter of 0.5 in. (12.7 mm). 
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Results from the tensile tests for the #3 (#10M) bars are provided in Figure 3-25 and show 

significant scatter for the yield and ultimate stress. 

 

 

Figure 3-25: Tensile test results for #3 Gr. 40 reinforcing steel 

 

A summary of the measured yield stress and corresponding yield strain values is given in Table 3. 

 

Test No. Yield Stress (ksi) Yield Strain (με) Ultimate Stress (ksi) Ultimate Strain (με) 

1 59 (407 MPa) 3,300 78 (538 MPa) 188,100 
2 49 (338 MPa) 2,600 73 (503 MPa) 205,500 
3 44 (303 MPa) 2,500 85 (586 MPa) 206,100 
4 55 (379 MPa) 1,600 88 (607 MPa) 220,200 
5 55 (379 MPa) 2,300 84 (579 MPa) 147,100 
6 54 (372 MPa) 3,000 83 (572 MPa) 206,300 

Table 3: Tensile test results of #3 (#10M) steel bars 
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The average yield stress was 53 ksi (365 MPa) with standard deviation of 5.3 ksi (37 MPa) 

(COV=0.10). The average yield strain was 2,550 µε with standard deviation of 590 µε (COV=0.23). 

The average ultimate stress was 82 ksi (565 MPa) with standard deviation of 5.4 ksi (37 MPa) 

(COV=0.07). The average ultimate strain was 195,500 µε with standard deviation of 25,800 µε 

(COV=0.13). The average strain at initial strain hardening was 17,030 µε. 

 

Results from the tensile tests for the #10 (#32M) bars are shown in Figure 3-26. 

 

 

Figure 3-26: Tensile test results for #10 Gr. 60 reinforcing steel 

 

A summary of the measured yield stress and corresponding yield strain values is given in Table 4. 
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Test No. Yield Stress (ksi) Yield Strain (με) Ultimate Stress (ksi) Ultimate Strain (με) 

1 68 (469 MPa) 2,700 108 (745 MPa) 124,400 
2 71 (490 MPa) 3,100 111 (765 MPa) 139,900 
3 71 (490 MPa) 2,600 112 (772 MPa) 145,700 

Table 4: Tensile test results of #10 (#32M) steel bars 

 

The average yield stress was 70 ksi (483 MPa) with standard deviation of 1.7 ksi (12 MPa) 

(COV=0.02). The average yield strain was 2,800 µε with standard deviation of 265 µε (COV=0.09). 

The average ultimate stress was 110 ksi (761 MPa) with standard deviation of 2.1 ksi (14 MPa) 

(COV=0.02). The average ultimate strain was 136,700 µε with standard deviation of 11,010 µε 

(COV=0.08). The average strain at initial strain hardening was 9,830 µε. 

 

No extra TiABs were available for tensile testing so segments of the vertical TiABs were taken 

from the east and west faces of the columns after the reversed cyclic tests. The east and west faces 

of the tested columns have lower demands and samples were taken from bars which exhibited 

strains below the nominal yield strain of 9000 µε. Six tensile coupon tests were performed on the 

#5 (#16M) TiABs. The results are shown in Figure 3-27. As seen here, there is a transition between 

elastic response and inelastic behavior confirming that the bars had not previously yielded. The 

yield stress was determined using a 0.2% offset and the nominal modulus of elasticity for Titanium 

6-4 of 15,500 ksi (107 GPa). 
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Figure 3-27: Tensile test results for #5 TiABs 

 

A summary of the experimental yield stress, experimental yield strain, and computed elastic 

modulus values is given in Table 5. 

 

Test No. Yield Stress 
(ksi) 

Yield Strain 
(με) 

Ultimate Stress 
(ksi) 

Elastic Modulus 
(ksi) 

1 130 (899 MPa) 11,390 147 (1,015 MPa) 13,950 (96 GPa) 
2 131 (901 MPa) 10,810 146 (1,008 MPa) 14,850 (102 GPa) 
3 132 (907 MPa) 11,530 147 (1,016 MPa) 13,770 (95 GPa) 
4 131 (905 MPa) 12,000 146 (1,006 MPa) 13,120 (90 GPa) 
5 131 (902 MPa) 11,580 146 (1,005 MPa) 13,640 (94 GPa) 
6 132 (907 MPa) 11,670 147 (1,016 MPa) 13,620 (94 GPa) 

Table 5: Tensile test results of #5 (#16M) TiABs 

 

The average yield stress was 131 ksi (903 MPa) with standard deviation of 0.45 ksi (3 MPa) 

(COV=0.0). The average yield strain was 11,500 µε with standard deviation of 390 µε (COV=0.03). 
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The average elastic modulus was 13,825 ksi (95 GPa) with standard deviation of 570 ksi (4.0 GPa) 

(COV=0.04). 

 

No coupon testing was performed on the #3 (#10M) TiABs because the curvature of the spiral 

would produce bending in additional to tension. The experimental yield stress and yield strain 

values from the #5 (#16M) TiABs are assumed to apply to the #3 (#10M) spiral TiABs. 

 

3.5 Instrumentation 
 

Each test specimen was instrumented to quantify the local structural behaviors during testing. For 

column specimens C1-L, C2-LRT, and C3-LRS, a total of 22 strain gages were placed on the 

longitudinal steel reinforcement in the column, on both the footing bars and column bars, and a 

total of twelve (12) strain gages were placed on the transverse reinforcement ties. The strain gages 

on the longitudinal steel reinforcement in specimen C4-RT was the same except that no strain gages 

were placed on the footing bars since they were not expected to carry flexural forces. For the 

retrofitted column specimens, an additional 24 strain gages were placed on the longitudinal TiABs 

(three (3) on each bar) and ten (10) (shorter retrofit) or twelve (12) (taller retrofit) were placed on 

the TiAB spiral (two (2) gages each at five (5) or six (6) elevations for the shorter and taller retrofits, 

respectively). All of the strain gages were placed at expected neutral axis locations on the steel 

reinforcing bars or the TiABs such that the bending strains would be minimized. 

 

Strain gages on the longitudinal reinforcing steel were only applied to the west face reinforcement 

bars, since the column was tested laterally in the north-south direction. This provided data for one 

bar in tension and one bar in compression for each cycle due to column bending. On the transverse 

steel ties, the bottom six ties were instrumented with two strain gages each, one on the west face 
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and one on either the north or south faces. Figure 3-28 illustrates the internal instrumentation plan 

for the steel reinforcing bars. 

 

 

Figure 3-28: Instrumentation plan for longitudinal steel reinforcement (left) and transverse steel 
reinforcement (right) 

 

Strain gages were applied to all of the vertical TiABs at three (3) elevations each. On the TiAB 

spiral, strain gages were placed at elevations that corresponded to the instrument locations on the 

transverse steel ties with two (2) strain gages each, one on the west face and one on the north face. 

Figure 3-29 illustrates the internal instrumentation plan for the TiABs. 
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Figure 3-29: Instrumentation plan for longitudinal TiABs (left) and transverse TiABs (right) 

 

Each specimen was also fitted with external sensors to measure local and overall deformations and 

applied loads. Eleven (11) (specimen C1-L) or nine (9) (specimens C2-LRT, C3-LRS, and C4-RT) 

string potentiometers were used to measure flexural deformations (curvature and rotations). Eight 

(8) string potentiometers were used to measure shear deformations over the elevation of the column 

above the footing. A single string potentiometer was used to measure lateral column displacement 

at the location of the center axis of the horizontal actuator (location of applied load). Five (5) 

displacement sensors were used to measure footing slip, footing uplift and rotation, and 

deformation at the column base. The string potentiometers were mounted away from the column 

face to minimize disruption of instrument readings from potential concrete spalling. The sensors 

were attached to aluminum angles that were supported by and bolted to 3/8 in. (9.5 mm) diameter 

threaded rods that were drilled and epoxy-bonded into the column specimens. The threaded rods 



56 
 

 
 

were anchored into the column after casting. There were a total of twelve (12) mounting rods on 

specimen C1-L (one on each north and south face at six (6) different levels) and a total of 10 

mounting rods on specimens C2-LRT, C3-LRS, and C4-RT (one on each north and south face at 

five (5) different levels). For specimen C1-L, the brackets are denoted as level 1 through level 6, 

where the level 1 bracket is the lower most level. For specimens C2-LRT, C3-LRS, and C4-RT, 

the lower most bracket is denoted as level 1 and the remaining upper brackets are denoted as level 

3 through level 6 (no level 2 bracket). The applied horizontal force was measured using a load cell 

attached to the actuator and the applied vertical load was measured using a load cell in series with 

the hydraulic jack at the top of the columns. Figure 3-30 illustrates the external instrumentation 

plans for measuring flexural deformations. 

 

 
Figure 3-30: External instrumentation plan for column flexure specimen C1-L (left) and 

specimens C2-LRT, C3-LRS, and C4-RT (right) 
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Figure 3-31 illustrates the external instrumentation plans for measuring shear deformations. 

 

 
Figure 3-31: External instrumentation plan 

 

3.6 Experimental Set-Up and Methodology 
 

Following the construction of the footing and column (and retrofit, where applicable), the 

specimens were anchored to the laboratory strong floor, the horizontal actuator between the strong 

wall and column load point was attached, and then the axial load system was connected. A hydraulic 

jack was used to produce axial force in the column specimens. The force applied by the jack was 

measured with a 500 kip (2225 kN) capacity load cell. The jack was placed at the top of the column 

and a 1/8 in. (3.2 mm) thick copper plate was placed between the column and jack to accommodate 
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surface imperfections and enable more uniform pressure distribution to the column. The axial load 

was distributed to a spreader beam and the force was self-reacted through the footing using two 

Dywidag bars, one on each side of the column and anchored with spherical nuts to permit rotation 

of the bars as the column was under lateral load. See Figure 3-32 for the vertical loading system. 

 

 

Figure 3-32: Vertical loading system 

 

The applied axial load was 200 kips (900 kN), which corresponds to 10% of the nominal 

compressive axial compressive capacity of the column. Fluctuations in axial load during testing 

due to column drift were monitored and the jack pressure was adjusted to maintain the compression 

force on the column during reversed cyclic testing. 
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Lateral force was applied near the column top using a servo-hydraulic controlled actuator in 

displacement control. The loading protocol consisted of reversed cyclic loading as recommended 

in ACI 318-11 which prescribes the target drift amplitudes as a function of the yielding drift. Each 

predetermined drift displacement level consisted of three full cycles (six peaks), with each cycle 

beginning with the column in the neutral position (zero displacement) and then displaced in the 

positive direction (north, pushing) to the target displacement amplitude, then in the negative 

direction (south, pulling) to the same displacement amplitudes and then returned to the neutral 

displacement. See Figure 3-33 for the lateral loading system. 

 

 

Figure 3-33: Lateral loading system 
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The loading profile of columns C1-L, C2-LRT, C3-LRS, and C4-RT is shown in Table 1. 

 

Displacement cycle 
(in.) 

Displacement cycle 
(% drift) 

Number of 
cycles 

Loading rate 
(in./sec.) 

±0.144 (3.66 mm) 0.10 3 0.005 (0.127 mm/sec) 
±0.43 (10.9 mm) 0.30 3 0.01 (0.254 mm/sec) 
±0.86 (21.8 mm) 0.60 3 0.02 (0.508 mm/sec) 
±1.30 (33.0 mm) 0.90 3 0.03 (0.762 mm/sec) 
±2.59 (65.8 mm) 1.8 3 0.04 (1.016 mm/sec) 
±3.89 (98.8 mm) 2.7 3 0.04 (1.016 mm/sec) 
±5.18 (132 mm) 3.6 3 0.08 (2.032 mm/sec) 
±6.50 (165 mm) 4.5 3 0.08 (2.032 mm/sec) 
±7.80 (198 mm) 5.4 3 0.10 (2.540 mm/sec) 
±9.10 (231 mm) 6.3 2 0.10 (2.540 mm/sec) 
±10.4 (264 mm) 7.2 2 0.12 (3.048 mm/sec) 
±11.8 (300 mm) 8.2 2 0.12 (3.048 mm/sec) 

Table 1: Loading profile of columns C1-L, C2-LRT, C3-LRS, and C4-RT 

 

4 TEST RESULTS AND ANALYSIS 
 

The performances of the retrofitted specimens were evaluated relative to the performance of the 

non-retrofitted specimen by comparing column ductility, column capacity, steel reinforcement 

strains, and failure modes. The non-retrofitted column exhibited non-ductile failure. The retrofitted 

specimens with lap splices exhibited ductile behavior and did not reach a true failure point because 

the actuator reached the maximum stroke capacity before the columns failed. The retrofitted 

specimen with the severed lap splice exhibited ductile behavior and failed due to buckling and 

fracture of the longitudinal TiABs. 
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4.1 Observed Performance: Non-Retrofitted Specimen C1-L 
 
 
The performance of the non-retrofitted column specimen was very poor. Failure was observed at a 

low maximum drift displacement of 1.47 in. (37.3 mm), corresponding to a drift limit of 1.02%. 

Axial-carrying capacity was maintained throughout the drift displacement cycles. Flexural strength 

decreased by approximately 60% by the last displacement cycle. Failure of the lap splice and 

inability to resist flexural demand was the ultimate failure mode of the non-retrofitted specimen. 

Strength degradation occurred quickly after lap splice failure. Flexural cracking occurred initially 

at the base of the column and extended to a height of approximately one-half of the overall column 

height. This initiated at a drift displacement of 1.30 in. (3.3 cm). Splitting cracks along the lap 

splice lengths began to appear at a drift level of approximately 2.59 in. (6.6 cm) and then followed 

by diagonal cracking within the lap zone that was also observed to initiate during the 2.59 in. (6.6 

cm) drift cycle. Once splitting cracks extended along the entire lap splice length, spalling of the 

cover concrete was observed, exposing the lapped bars, as shown in Figure 4-1. No buckling of the 

longitudinal reinforcement bars was observed. 
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Figure 4-1: Splitting cracks and exposed lap splice on specimen C1-L 

 

Once the longitudinal bars were exposed, marks were placed on both bars of the exposed lap splices 

to observe relative movement between the bars. Bar slip was observed on the order of 1 in. (25.4 

mm) during the final cycles of the test. Video footage was taken of the relative slip between the 

foundation and column longitudinal bars during the final displacement cycle. A screenshot from 
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the video illustrates the magnitude of the relative displacement between the marks placed on the 

bars, as shown in Figure 4-2. 

 

 

Figure 4-2: Observed relative motion between adjacent column bars in the NE lap splice due to 
bar slip for specimen C1-L 

 

The final condition of specimen C1-L is shown in Figure 4-3.  
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Figure 4-3: Final condition of specimen C1-L 
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4.2 Observed Performance: Retrofitted Specimens C2-LRT, C3-LRS, and C4-RT 
 
 
Each of the retrofitted columns achieved a tip displacement of 11.2 in. (28.4 cm), corresponding to 

a drift ratio of 7.8%. Strength degradation occurred in both tests but at a lower rate than the non-

retrofitted specimen. Ultimate lateral strength of specimen C2-LRT was approximately 53% of the 

peak strength of the column. Ultimate lateral strength of specimen C3-LRS was approximately 56% 

of the peak strength of the column.  

 

Specimens C2-LRT and C3-LRS demonstrated similar load displacement response, indicating that 

the difference in height of the TiAB spiral reinforced shell of 1.67ls and 1.5ls did not seem to greatly 

affect their performance. Both columns reached peak lateral strength of approximately 54 kips (240 

kN) and 52 kips (231 kN) for specimens C2-LRT and C3-LRS, respectively, and maintained the 

upper shelf strength up to drift limit of 4.4% and 3.1% for C2-LRT and C3-LRS, respectively. 

Failure of the lap splice occurred at these drift limits, where the columns demonstrated loss in 

lateral strength. The columns then followed a lower strength shelf, maintaining lateral strength of 

approximately 28 kips (125 kN) and 23 kips (102 kN) for specimens C2-LRT and C3-LRS, 

respectively, up to the maximum tip displacement. The second strength shelf was a result of internal 

lap splice failure. During testing, audible noise was heard from the vertical TiABs caused by 

localized damage to the anchorage locations in the column and footing. These tended to occur when 

the specimens were moving through their neutral point (zero displacement) where the vertical 

TiABs experienced stress-reversals. Localized damage included stable withdrawal of the hooked 

end from the column face, as shown in Figure 4-4, and concrete spall cones forming at the TiAB 

anchorage to the footing, as shown in Figure 4-5. These were not considered to be adverse to 

column performance. 
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Figure 4-4: Rupture of vertical TiABs from hooked column anchorage 
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Figure 4-5: Concrete "coning" on specimen C3-LRS 

 

 

A definitive failure point in both columns was not reached. The tests were terminated because the 

stroke capacity of the actuator was achieved and additional drift could not be imposed for the 

present setup. 

 

Damage to the retrofit shell at the corners of specimen C2-LRT occurred at fairly low drift levels, 

where the shell concrete was only as thick as the TiAB spiral causing the concrete to spall, as shown 

in Figure 4-7. 
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Figure 4-6: Corner spalling of concrete shell on specimen C2-LRT 

 

 This was because the segment of concrete on the compression side that was able to bear against 

the footing would induce upward shearing force and cause the thin shell at the column corner 

locations to crack. The structural performance of the column was not affected but a 1 in. (25.4 mm) 

thick insulation foam board was added to specimens C3-LRS and C4-RT to prevent this, as seen in 

Figure 4-7. This also provided de-bonding between the shell and top of footing. 
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Figure 4-7: Foam board layer on specimen C3-LRS 

 

Cracking of the shell on specimens C3-LRS and C4-RT still occurred but was reduced and observed 

to begin at higher drift levels than it did for specimen C2-LRT. 

 

The overall behavior of specimen C4-RT was similar to the other retrofit specimen tests except that 

the upper strength shelf was not reached, and instead a lower flexural strength limit of 

approximately 40 kips (178 kN) and minor strength degradation through the rest of the test. This 

flexural capacity was approximately equal to the lower strength shelf that specimens C2-LRT and 

C3-LRS maintained following lap splice failure. This indicates that removing the lap splice 

bypasses the strength degradation that occurred following lap splice failure in the comparable tests 

where the lap splice was not removed. The column performed in a ductile manner, yielding until 
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the TiABs on the south face of the column fractured during the 7.8% drift cycle. Fracture of the 

first TiAB occurred at a drift ratio of 5.8% (this drift level had been reached in the previous drift 

cycle). Fracture of the second TiAB occurred at a drift ratio of 7.0%, just past the prior maximum 

reached drift level of 6.9%. The ultimate failure mode was fracture of the TiABs. It occurred within 

the threaded section of the TiABs and in the region of the foam board. Out-of-plane, local buckling 

of the SE vertical TiAB occurred during the previous 6.9% displacement cycle within the threaded 

section of the bar. 

 

This indicated that the column had slight torsion on it during testing. No buckling was identified 

on the SW TiAB prior to its fracture during testing. Wide pitch spacing of the TiAB spiral 

reinforcement was most likely the cause for less sufficient confinement at the base of the column. 

The bottom end of the spiral on specimen C4-RT was drilled 2-3/4 in. (70 mm) above the footing 

whereas the bottom of the spiral was drilled into the column within 1 in. (25.4 mm) of the top of 

the footing for specimens C2-LRT and C3-LRS. These are cause for less sufficient confinement at 

the base of the column. There was also increased flexural demand on the vertical TiABs on 

specimen C4-RT because the steel reinforcement was removed, eliminating load paths for flexural 

demand that were available on specimens C2-LRT and C3-LRS. Although failure of the vertical 

TiABs occurred within the region where the foam board was placed intentionally, this behavior 

justified the effectiveness of the TiAB reinforced concrete shell to provide bracing to the vertical 

TiABs in compression. 

 

After testing, the TiAB reinforced concrete shell on specimen C4-RT was removed for inspection 

of the internal damage that was not visible during testing. Local, in-plane buckling occurred to the 

SW TiAB and global, in-plane buckling occurred to the WS vertical TiAB, as shown in Figure 4-8 

and Figure 4-9. 
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Figure 4-8: Damage to SE and SW vertical TiABs on specimen C4-RT 
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Figure 4-9: Damage to WS vertical TiAB on specimen C4-L 

 

Concrete coning also occurred to specimen C4-RT and resulted in major portions of the footing 

concrete to be able to be removed once it formed. This occurred in a similar manner as it did to 

specimens C2-LRT and C3-LRS, where audible noise was heard as the column transitioned through 

the zero displacement point and the vertical TiABs experienced stress reversals, from tension to 

compression.  
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The retrofit shell had elevated by approximately 1 in. (25.4 mm) in the column’s final condition, 

where the soft foam layer had visibly uplifted off of the initial foundation elevation, as shown in 

Figure 4-10. This indicated that the column had elongated by approximately 1 in. (25.4 mm) at the 

base. The column was still able to carry the axial demand load after fracture and buckling of the 

TiABs. 

 

 

Figure 4-10: Uplift of concrete shell from footing of specimen C4-RT 

 

4.3 Overall Force-Deformation Response 
 

The envelopes of the force-displacement responses of the specimens were produced from the sensor 

data. The measured column drift included footing motions and had to be adjusted for the rigid body 



74 
 

 
 

motions. The measured column drift, measured actuator force, measured axial force, and measured 

rigid body deformations were used to determine the net column drift. The measured column drift 

data was adjusted by discounting the measured footing slip and the computed rotation of the 

footing. These were measured by the slip displacement sensor and the uplift displacement sensors 

that were attached to the footing, respectively, shown in Figure 4-11. 

 

Figure 4-11: Deformed column and footing geometry for calculating actual column drift 

 
 

The measured column drift was considered as the sum of three parts: column drift due to bending 

and shear in the column, column drift due to rigid body rotation at the foundation, and column drift 

due to footing translation. The uplift sensors located on the north and south sides of the footing 

were used to compute average rotation of the footing. This angle was then used to compute the 
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column drift due to footing rotation and subtracted from the measured total column drift. The 

footing slip sensor measurements were directly subtracted from the measured column drift. 

 

The measured lateral force data were adjusted by computing the horizontal component of axial 

force in the column that is produced due to lateral drift of the column and adding or subtracting this 

from the measured actuator force. This decreased the lateral force when the column was deformed 

to a positive tip displacement and increased the lateral force when the column was deformed to a 

negative tip displacement. An illustration is shown in Figure 4-12. 

 

Figure 4-12: Deformed column geometry for calculating restoring force contributed by axial load 
applied at column top 
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The horizontal component of axial force applied at the column top was computed considering the 

measured (total) column drift. It was taken as the magnitude of axial load times the sine of the angle 

of total rotation of the column. 

 

The adjusted column drift versus lateral force curves are shown in Figure 4-13(a) through (d). 

 

 

                                                        (a)                                                                               (b) 

 

                                                        (c)                                                                               (d) 

Figure 4-13: Load-displacement response 
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The load-drift ratio curves are shown in Figure 4-14(a) through (d). 

 

 

                                                         (a)                                                                              (b) 

 

                                                         (c)                                                                              (d) 

Figure 4-14: Load-drift ratio response 

 

The positive and negative envelopes for load-displacement response of each of the columns were 

combined to develop backbone curves to compare column performance. These are shown in Figure 

4-15. 
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Figure 4-15: Envelope of cyclic responses 

 

Comparison of the load-displacement backbone curves highlights the advantages of confined 

concrete behavior. The specimens had approximately equal initial stiffness. The curves for 

specimens C2-LRT and C3-LRS show their greater flexural strength capacity compared to 

specimens C1-L and C4-RT.  Predicted flexural strength for specimens C2-LRT and C3-LRS 

were 59 kips (262 kN) from fully un-bonded analyses, respectively. Specimens C2-LRT and C3-

LRS performed similarly and reached maximum strength limits of 54 kips (240 kN) and 53 kips 

(231 kN), respectively, demonstrating that the predicted moment capacity of the specimens was 

not achieved due to lap splice failure. Specimen C1-L reached maximum lateral strength of 34 

kips (156 kN), which was slightly below the predicted flexural capacity of the specimen of 39 
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kips (179 kN). Specimen C4-RT reached peak strength limit of 33 kips (147 kN) compared to its 

predicted flexural capacity of 35 kips (156 kN).  

 

Specimens C1-L and C4-RT reached approximately the same peak flexural strength. Internal lap 

splice failure in specimen C1-L was identified at a drift of approximately 1.5 in. (3.8 cm). Internal 

lap splice failure in specimens C2-LRT and C3-LRS was identified where the column flexural 

capacity transitions from an upper strength shelf to a lower strength shelf, which occurred at 

approximate drifts of 6.3 in. (16.0 cm) and 4.5 in. (11.4 cm), respectively. Once lap splice failure 

occurred, friction between the lap splice bars was the only remaining contribution for flexural 

resistance. The lap splice strength can be identified as the difference in magnitude between the 

upper and lower strength shelves. This was approximately 25 kips (111 kN) for specimen C2-

LRT and 27 kips (120 kN) for specimen C3-LRS. The lateral strength capacities of the columns 

post-lap splice failure were 29 kips (129 kN) and 27 kips (120 kN) for specimens C2-LRT and 

C3-LRS, respectively. Removing the internal lap splice in specimen C4-RT prior to loading 

bypassed the upper strength shelf and produced rocking behavior in the column, indicative of the 

slope of the unloading curves that quite closely passes through the origin of its load-displacement 

plot. The peak flexural capacity of specimen C4-RT was 33 kips (14 kN), approximately equal to 

the lower strength shelves reached by specimens C2-LRT and C3-LRS. The difference in flexural 

capacities before and after lap splice failure in specimens C2-LRT and C3-LRS can also be 

compared to the magnitude of strength degradation observed in specimen C1-L before and after 

lap splice failure. The flexural capacity of the non-retrofitted specimen after failure was 

approximately 5.4 kips (24.0 kN). This is a reduction of approximately 29 kips (132 kN) below 

its peak capacity, which would quantify the strength of the lap splice. This magnitude is 

comparable with the estimated lap strengths of 25 kips (111 kN) and 27 kips (120 kN) for 

specimens C2-LRT and C3-LRS, respectively. 
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Based on the magnitude of strength degradation observed in the overall load-displacement curves 

of specimen C1-L, the failure point was selected as the point where strength degradation initiates. 

Specimens C2-LRT and C3-LRS show strength degradation in their post-peak response but at a 

less severe rate and demonstrated gradual loss of flexural resistance after lap splice failure. Initial 

strength drop occurs due to lap splice failure but this is not identified as the failure point of the 

column. Specimen C3-LRS performed in the same manner. It was concluded that specimens C2-

LRT and C3-LRS did not reach definitive failure points due to only minor strength degradation 

behavior post-lap splice failure. In the final displacement cycle of specimen C4-RT, two instances 

of strength loss are visible on the load-displacement curves. These are the points where the TiABs 

fractured. The failure point of specimen C4-RT was selected as the point of fracture of the first 

TiAB.  

 

A summary of the column response for specimens C1-L, C2-LRT, C3-LRS, and C4-RT is 

provided in Table 6. The experimental moment capacities are computed as the maximum 

computed shear force in the column times the distance from the top of the footing to the load 

point of column. 

 

Specimen 
Predicted Moment 

Capacity 
(kip-ft.) 

Maximum Experimental 
Shear Force in Column 

(kips) 

Experimental 
Moment Capacity 

(kip-ft.) 
C1-L 468.6 (635 kN-m) 35.2 (157 kN) 404.3 (548 kN-m) 

C2-LRT  719.6 (975 kN-m) 53.9 (240 kN) 646.8 (876 kN-m) 
C3-LRS 712.9 (966 kN-m) 53.4 (238 kN) 640.8 (868 kN-m) 
C4-RT 430.3 (583 kN-m) 33.3 (148 kN) 399.6 (542 kN-m) 

Table 6: Summary of column capacities 

 

The load-displacement curves can be further adjusted for the P-Δ effect to show the strength 

degradation that is due to the additional overturning as the column is deformed. The vertical 



81 
 

 
 

component of the axial force produces an overturning moment at the base of the column with a 

moment arm equal to the measured column drift (minus column drift due to footing translation). 

The equivalent lateral force to be added to the column lateral force is then equal to the 

overturning moment divided by the height of the column. This is shown in Figure 4-16. 

 

Figure 4-16: Deformed column geometry for calculating P-Δ effect 

 

The load-displacement curves adjusted for P-Δ are shown in Figure 4-17(a) through (d). 
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(a)                                                                          (b) 

 

 (c)                                                                           (d) 

Figure 4-17: Load-displacement responses without P-Δ effects 

 

The backbones of the load-displacement responses of each of the specimens with and without P-Δ 

effects are shown in Figure 4-18(a) through (d). 
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(a)                                                                         (b) 

 

 (c)                                                                           (d) 

Figure 4-18: Backbone of load-displacement responses without P-Δ effects 

 

Without the P-Δ effect, the strength degradation seen in the load-displacement responses with P-

Δ effect is removed. The second strength shelf followed by specimens C2-LRT and C3-LRS up to 

the maximum drift level remained constant at approximately 47 kips (209 kN) and 42 kips (187 

kN), respectively, after reaching lateral force capacities of 62 kips (276 kN) and 58 kips (258 

kN), respectively. Specimen C4-RT maintained its lateral force capacity of 40 kips (178 kN) up 

to a drift displacement of approximately 8.7 in. (22.1 cm) before it exhibited strength degradation 
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prior to TiAB fracture and column failure. The load-displacement response of specimen C1-L 

without P-Δ effects differed past a drift displacement of approximately 4.8 in. (12.2 cm), 

maintaining a lateral force capacity of 16 kips (71 kN). Specimen C1-L reached a slightly higher 

lateral force capacity of 35 kips (156 kN) with the P-Δ effects not considered. 

 

4.4 Strength Degradation 

 
The peak flexural strengths achieved for each positive displacement cycle were obtained in order 

to evaluate the rate of flexural strength degradation cycle-to-cycle within the same drift levels. 

These are given in Table 7 through Table 10. The magnitudes of strength degradation for cycles 2 

and 3 for each drift level were both computed as the percent decreases in peak strength relative to 

the cycle 1 peak strength. 

 

Displacement 
cycle 
(in.) 

Cycle 1 peak 
strength 
(kips) 

Cycle 2 peak 
strength 
(kips) 

Cycle 3 peak 
strength 
(kips) 

Cycle 2 strength 
degradation 

(%) 

Cycle 3 strength 
degradation 

(%) 

+0.144 (3.66 mm) 8.8 (39 kN) 8.6 (38 kN) 8.6 (38 kN) 1.41 1.37 
+0.43 (10.9 mm) 18.1 (81 kN) 17.6 (78 kN) 17.4 (77 kN) 2.84 3.98 
+0.86 (21.8 mm) 27.5 (122 kN) 26.4 (117 kN) 25.9 (115 kN) 3.92 5.61 
+1.30 (33.0 mm) 30.9 (137 kN) 30.2 (134 kN) 29.6 (132 kN) 2.35 4.16 
+2.59 (65.8 mm) 33.7 (150 kN) 19.8 (88 kN) 16.5 (73 kN) 41.2 50.9 
+3.89 (98.8 mm) 14.8 (66 kN) 11.8 (53 kN) n/a 20.2 n/a 
+5.18 (132 mm) 9.2 (41 kN) 8.4 (37 kN) n/a 7.98 n/a 
+6.50 (165 mm) 5.4 (24 kN) 4.7 (21 kN) n/a 11.96 n/a 

Table 7: Specimen C1-L cyclic strength degradation 
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Displacement 
cycle 
(in.) 

Cycle 1 peak 
strength 
(kips) 

Cycle 2 peak 
strength 
(kips) 

Cycle 3 peak 
strength 
(kips) 

Cycle 2 strength 
degradation 

(%) 

Cycle 3 strength 
degradation 

(%) 

+0.144 (3.66 mm) 10.5 (47 kN) 10.4 (46 kN) 10.5 (47 kN) 1.03 0.08 
+0.43 (10.9 mm) 23.0 (102 kN) 22.9 (102 kN) 22.7 (101 kN) 0.41 1.12 
+0.86 (21.8 mm) 33.7 (150 kN) 32.5 (144 kN) 31.9 (142 kN) 3.59 5.21 
+1.30 (33.0 mm) 40.4 (180 kN) 38.9 (173 kN) 38.4 (171 kN) 3.68 5.14 
+2.59 (65.8 mm) 52.8 (235 kN) 50.4 (224 kN) 49.4 (220 kN) 4.55 6.58 
+3.89 (98.8 mm) 54.4 (242 kN) 52.1 (232 kN) 49.6 (221 kN) 4.20 8.79 
+5.18 (132 mm) 57.8 (257 kN) 50.2 (223 kN) 47.8 (213 kN) 13.20 17.26 
+6.50 (165 mm) 51.1 (227 kN) 41.3 (184 kN) 36.7 (163 kN) 19.25 28.14 
+7.80 (198 mm) 37.2 (165 kN) 32.9 (146 kN) n/a 11.52 n/a 
+9.10 (231 mm) 32.7 (145 kN) 29.6 (132 kN) n/a 9.28 n/a 
+10.4 (264 mm) n/a n/a n/a  n/a n/a  
+11.8 (300 mm) 29.4 (131 kN) n/a n/a  n/a  n/a 

Table 8: Specimen C2-LRT cyclic strength degradation 

 

Displacement 
cycle 
(in.) 

Cycle 1 peak 
strength 
(kips) 

Cycle 2 peak 
strength 
(kips) 

Cycle 3 peak 
strength 
(kips) 

Cycle 2 strength 
degradation 

(%) 

Cycle 3 strength 
degradation 

(%) 

+0.144 (3.66 mm) 8.3 (37 kN) 8.4 (37 kN) 8.4 (37 kN) -0.42 -0.86 
+0.43 (10.9 mm) 21.5 (96 kN) 21.2 (94 kN) 21.0 (93 kN) 1.21 2.34 
+0.86 (21.8 mm) 30.7 (137 kN) 29.7 (132 kN) 28.8 (128 kN) 3.38 6.27 
+1.30 (33.0 mm) 37.6 (167 kN) 36.1 (160 kN) 35.3 (157 kN) 4.02 5.99 
+2.59 (65.8 mm) 48.7 (217 kN) 44.9 (200 kN) 43.2 (192 kN) 7.83 11.37 
+3.89 (98.8 mm) 51.8 (231 kN) 48.1 (214 kN) 45.9 (204 kN) 7.22 11.51 
+5.18 (132 mm) 51.0 (227 kN) 44.0 (196 kN) 39.4 (175 kN) 13.80 22.72 
+6.50 (165 mm) 39.7 (176 kN) 34.5 (153 kN) 31.8 (141 kN) 13.09 19.88 
+7.80 (198 mm) 33.4 (149 kN) 27.8 (124 kN) n/a 16.93 n/a 
+9.10 (231 mm) 28.5 (127 kN) 25.5 (114 kN) n/a 10.48 n/a 
+10.4 (264 mm) 25.5 (113 kN) n/a n/a n/a n/a 
+11.8 (300 mm) 23.0 (102 kN) n/a n/a n/a n/a 

Table 9: Specimen C3-LRS cyclic strength degradation 
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Displacement 
cycle 
(in.) 

Cycle 1 peak 
strength 
(kips) 

Cycle 2 peak 
strength 
(kips) 

Cycle 3 peak 
strength 
(kips) 

Cycle 2 strength 
degradation 

(%) 

Cycle 3 strength 
degradation 

(%) 

+0.144 (3.66 mm) 7.5 (33 kN) 7.6 (34 kN) 7.5 (34 kN) -1.25 -0.21 
+0.43 (10.9 mm) 18.1 (81 kN) 17.1 (76 kN) 16.8 (75 kN) 5.91 7.25 
+0.86 (21.8 mm) 22.6 (101 kN) 20.8 (93 kN) 20.3 (90 kN) 7.90 10.46 
+1.30 (33.0 mm) 23.5 (104 kN) 22.8 (101 kN) 22.5 (100 kN) 2.93 4.12 
+2.59 (65.8 mm) 29.9 (133 kN) 28.6 (127 kN) 28.1 (125 kN) 4.33 5.95 
+3.89 (98.8 mm) 32.7 (145 kN) 30.8 (137 kN) 30.0 (133 kN) 5.89 8.35 
+5.18 (132 mm) 33.3 (148 kN) 30.7 (136 kN) 29.2 (130 kN) 7.93 12.34 
+6.50 (165 mm) 31.7 (141 kN) 29.1 (129 kN) 27.6 (123 kN) 8.40 12.99 
+7.80 (198 mm) 29.3 (130 kN) 26.8 (119 kN) 25.5 (113 kN) 8.48 13.23 
+9.10 (231 mm) 26.5 (118 kN) 24.1 (107 kN) 18.1 (81 kN) 9.20 31.72 
+10.4 (264 mm) 18.0 (80 kN) n/a n/a n/a n/a 
+11.8 (300 mm) 14.2 (63 kN)* n/a n/a n/a n/a 

Table 10: Specimen C4-RT cyclic strength degradation 

*flexural capacity at TiAB fracture is 14.2 kips (63 kN) and flexural capacity at the drift limit is 12.1 kips 
(54 kN) 
 

 

Plots of the percent decreases in strength for each displacement cycle of the specimens is shown 

in Figure 4-19(a) through (d). 

 

 

                                               (a)                                                                                     (b) 
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                                               (c)                                                                                     (d) 

Figure 4-19: Cyclic strength degradation response 

 

 

Nonlinear, elastic cyclic behavior is observed for the first drift level where the peak flexural 

strengths achieved in each cycle are approximately equal with negligible differences in the 

recorded values (variation most likely due to sensitivity of the top displacement and load cell 

sensors or error due to the limitation in capability of the hydraulic actuator). The remaining cycles 

demonstrated nonlinear, inelastic response where the percent decreases in strength degradation 

relative to the first cycle are greater for cycle 3 than cycle 2. Additionally, there is a generally 

increasing trend in the magnitude of percent decrease in strength degradation for both the cycle 2 

and cycle 3 values as the drift displacement increases, highlighting the effect of reversed cyclic 

loading on the flexural capacity of the column specimens and reduction in flexural strength due to 

further weakening of the columns with each additional cycle. The flexural resistance of specimen 

C1-L in the final three displacement cycles demonstrated negative slope on the loading curves so 

the strength degradation percentages do not appear to follow an identifiable trend within those 

drift levels (eventually the cyclic strength degradation during the final displacement cycles was 

minor relative to the overall strength degradation of the specimen). A noticeable spike in strength 

decrease occurred near the drift displacement where lap splice failure was identified. The rate of 
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cyclic degradation for specimens C2-LRT and C3-LRS initiated between the drift cycles of 1.30 

in. (3.0 cm) and 2.59 in. (6.6 cm), where the specimens reached their flexural strength capacity 

and upper strength shelf behavior was observed. However, the rate of cyclic strength degradation 

increased greatly during the 5.18 in. (13.2 cm) displacement cycles, approximately equal to where 

lap splice failure was identified in both of the specimens. This rate then began to decrease again 

at drift levels of 7.8 in. (19.8 cm) and 9.1 in. (23.1 cm) in their post-peak response, respectively, 

representing cyclic strength degradation of the specimens along their lower strength shelves. For 

specimen C4-RT, the rate of cyclic degradation continued to increase for all drift levels but at a 

low rate, since lap splice failure did not occur. The only noticeable strength reduction occurs at 

the final drift cycle where bar fracture occurred.  

 

4.5 Energy Dissipation 

The load-displacement curves are integrated to compute hysteretic energy dissipation for each 

displacement level in the column specimens. The hysteretic energy dissipated and the cumulative 

cyclic energy dissipated by each specimen is given in Table 11 through Table 14. 

 

Displacement 
cycle 
(in.) 

Cycle 1 energy 
dissipated 
(kip-ft.) 

Cycle 2 energy 
dissipated 
(kip-ft.) 

Cycle 3 energy 
dissipated 
(kip-ft.) 

Total energy 
dissipated 
(kip-ft.) 

+0.144 (3.66 mm) 0.02 (0.02 kN-m) 0.02 (0.02 kN-m) 0.02 (0.02 kN-m) 0.05 (0.07 kN-m) 
+0.43 (10.9 mm) 0.13 (0.18 kN-m) 0.08 (0.11 kN-m) 0.07 (0.09 kN-m) 0.28 (0.38 kN-m) 
+0.86 (21.8 mm) 0.54 (0.73 kN-m) 0.26 (0.35 kN-m) 0.21 (0.28 kN-m) 1.01 (1.37 kN-m) 
+1.30 (33.0 mm) 0.81 (1.10 kN-m) 0.55 (0.75 kN-m) 0.38 (0.52 kN-m) 1.74 (2.36 kN-m) 
+2.59 (65.8 mm) 5.24 (7.10 kN-m) 1.93 (2.62 kN-m) 1.29 (1.75 kN-m) 8.46 (11.5 kN-m) 
+3.89 (98.8 mm) 2.80 (3.80 kN-m) 2.16 (2.93 kN-m) n/a 4.96 (6.72 kN-m) 
+5.18 (132 mm) 3.31 (4.49 kN-m) 2.72 (3.69 kN-m) n/a 6.03 (8.18 kN-m) 
+6.50 (165 mm) 5.82 (7.89 kN-m) 5.23 (7.09 kN-m) n/a 11.1 (15.0 kN-m) 

Table 11: Specimen C1-L hysteretic energy dissipation 
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Displacement 
cycle 
(in.) 

Cycle 1 energy 
dissipated 
(kip-ft.) 

Cycle 2 energy 
dissipated 
(kip-ft.) 

Cycle 3 energy 
dissipated 
(kip-ft.) 

Total energy 
dissipated 
(kip-ft.) 

+0.144 (3.66 mm) 0.02 (0.03 kN-m) 0.02 (0.02 kN-m) 0.02 (0.02 kN-m) 0.05 (0.07 kN-m) 
+0.43 (10.9 mm) 0.17 (0.23 kN-m) 0.11 (0.15 kN-m) 0.10 (0.14 kN-m) 0.38 (0.51 kN-m) 
+0.86 (21.8 mm) 0.69 (0.94 kN-m) 0.37 (0.50 kN-m) 0.20 (0.27 kN-m) 1.26 (1.71 kN-m) 
+1.30 (33.0 mm) 0.99 (1.34 kN-m) 0.69 (0.94 kN-m) 0.59 (0.80 kN-m) 2.27 (3.08 kN-m) 
+2.59 (65.8 mm) 5.62 (7.62 kN-m) 3.09 (4.19 kN-m) 2.59 (3.51 kN-m) 11.3 (15.3 kN-m) 
+3.89 (98.8 mm) 8.72 (11.8 kN-m) 7.26 (9.84 kN-m) 5.96 (8.08 kN-m) 21.9 (29.7 kN-m) 
+5.18 (132 mm) 13.7 (18.5 kN-m) 13.6 (18.4 kN-m) 8.84 (12.0 kN-m) 36.1 (48.9 kN-m) 
+6.50 (165 mm) 22.1 (29.9 kN-m) 17.5 (23.8 kN-m) 14.5 (19.7 kN-m) 54.1 (73.4 kN-m) 
+7.80 (198 mm) 21.4 (29.0 kN-m) 18.4 (24.9 kN-m) n/a 39.8 (54.0 kN-m) 
+9.10 (231 mm) 26.8 (36.3 kN-m) 23.1 (31.3 kN-m) n/a 49.9 (67.7 kN-m) 
+10.4 (264 mm) n/a n/a n/a n/a 
+11.8 (300 mm) 16.5 (22.4 kN-m)* n/a n/a 16.5 (22.4 kN-m) 

Table 12: Specimen C2-LRT hysteretic energy dissipation 

*energy dissipation for half-cycle 
 
 

Displacement 
cycle 
(in.) 

Cycle 1 energy 
dissipated 
(kip-ft.) 

Cycle 2 energy 
dissipated 
(kip-ft.) 

Cycle 3 energy 
dissipated 
(kip-ft.) 

Total energy 
dissipated 
(kip-ft.) 

+0.144 (3.66 mm) 0.04 (0.05 kN-m) 0.03 (0.04 kN-m) 0.03 (0.04 kN-m) 0.10 (0.14 kN-m) 
+0.43 (10.9 mm) 0.26 (0.35 kN-m) 0.17 (0.23 kN-m) 0.14 (0.19 kN-m) 0.57 (0.77 kN-m) 
+0.86 (21.8 mm) 0.77 (1.04 kN-m) 0.55 (0.75 kN-m) 0.39 (0.53 kN-m) 1.71 (2.32 kN-m) 
+1.30 (33.0 mm) 1.16 (1.57 kN-m) 0.90 (1.22 kN-m) 0.70 (0.95 kN-m) 2.76 (3.74 kN-m) 
+2.59 (65.8 mm) 5.57 (7.55 kN-m) 3.40 (4.61 kN-m) 2.80 (3.80 kN-m) 11.8 (16.0 kN-m) 
+3.89 (98.8 mm) 10.1 (13.7 kN-m) 7.49 (10.2 kN-m) 6.40 (8.68 kN-m) 24.0 (32.5 kN-m) 
+5.18 (132 mm) 16.0 (21.7 kN-m) 12.8 (17.4 kN-m) 11.3 (15.3 kN-m) 40.1 (54.5 kN-m) 
+6.50 (165 mm) 20.3 (27.5 kN-m) 17.7 (24.0 kN-m) 15.8 (21.4 kN-m) 53.8 (72.9 kN-m) 
+7.80 (198 mm) 24.4 (33.1 kN-m) 21.4 (29.0 kN-m) n/a 45.8 (62.1 kN-m) 
+9.10 (231 mm) 28.9 (39.2 kN-m) 25.9 (35.1 kN-m) n/a 54.8 (74.3 kN-m) 
+10.4 (264 mm) 28.5 (38.6 kN-m) n/a n/a 28.5 (38.6 kN-m) 
+11.8 (300 mm) 16.0 (21.7 kN-m)* n/a n/a 16.0 (21.7 kN-m) 

Table 13: Specimen C3-LRS hysteretic energy dissipation 

*hysteretic energy dissipation for half-cycle 
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Displacement 
cycle 
(in.) 

Cycle 1 energy 
dissipated 
(kip-ft.) 

Cycle 2 energy 
dissipated 
(kip-ft.) 

Cycle 3 energy 
dissipated 
(kip-ft.) 

Total energy 
dissipated 
(kip-ft.) 

+0.144 (3.66 mm) 0.04 (0.05 kN-m) 0.03 (0.04 kN-m) 0.03 (0.04 kN-m) 0.10 (0.13 kN-m) 
+0.43 (10.9 mm) 0.27 (0.37 kN-m) 0.18 (0.24 kN-m) 0.16 (0.22 kN-m) 0.61 (0.83 kN-m) 
+0.86 (21.8 mm) 0.71 (0.96 kN-m) 0.45 (0.61 kN-m) 0.40 (0.54 kN-m) 1.56 (2.12 kN-m) 
+1.30 (33.0 mm) 0.80 (1.08 kN-m) 0.68 (0.92 kN-m) 0.63 (0.85 kN-m) 2.11 (2.86 kN-m) 
+2.59 (65.8 mm) 2.75 (3.73 kN-m) 1.87 (2.54 kN-m) 1.80 (2.44 kN-m) 6.42 (8.70 kN-m) 
+3.89 (98.8 mm) 4.40 (5.97 kN-m) 3.00 (4.07 kN-m) 3.10 (4.20 kN-m) 10.5 (14.2 kN-m) 
+5.18 (132 mm) 6.60 (8.95 kN-m) 5.50 (7.46 kN-m) 5.40 (7.32 kN-m) 17.5 (23.7 kN-m) 
+6.50 (165 mm) 9.80 (13.3 kN-m) 8.80 (11.9 kN-m) 8.80 (11.9 kN-m) 27.4 (37.1 kN-m) 
+7.80 (198 mm) 13.2 (17.9 kN-m) 12.0 (16.3 kN-m) 12.0 (16.3 kN-m) 37.2 (50.4 kN-m) 
+9.10 (231 mm) 18.1 (24.5 kN-m) 15.7 (21.3 kN-m) 13.4 (18.2 kN-m) 47.2 (64.0 kN-m) 
+10.4 (264 mm) 7.50 (10.2 kN-m)* n/a n/a 7.50 (10.2 kN-m) 
+11.8 (300 mm) 7.30 (9.90 kN-m)* n/a n/a 7.30 (9.90 kN-m) 

Table 14: Specimen C4-RT hysteretic energy dissipation 

*hysteretic energy dissipation for half-cycle 

 

Plots of the energy dissipation for each displacement cycle of the specimens is shown in Figure 

4-20(a) through (d). 

 

 

                                               (a)                                                                                     (b) 
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                                               (c)                                                                                     (d) 

Figure 4-20: Cyclic energy dissipation response 

 

The total hysteretic energy dissipated by the column specimens was calculated as the sum of the 

total energy dissipated per displacement cycle. These were 33.6 kip-ft. (45.5 kN-m), 233.6 kip-ft. 

(316.7 kN-m), 279.9 kip-ft. (379.5 kN-m), and 165.4 kip-ft. (224.2 kN-m) for specimens C1-L, 

C2-LRT, C3-LRS, and C4-RT, respectively. There is discrepancy between the direct comparisons 

of these values due to inconsistent number of cycles for each of the specimens in the final 

displacement cycles for all of the specimens and the lesser total number of displacement cycles 

for specimen C1-L. However, the magnitudes are comparable in justifying overall column 

performance of the retrofitted specimens to that of the control specimen. The amount of energy 

dissipated by specimen C1-L was very low compared to specimens C2-LRT, C3-LRS, and C4-

RT. The severe strength and stiffness degradation observed by specimen C1-L resulted in low 

energy dissipation even without cycling the specimen to the higher drift levels. The total energy 

dissipated in each displacement cycle showed an increasing trend with each displacement level so 

total dissipated energy by the specimen C1-L during testing would be expected to be higher if it 

had been cycled to the higher drift levels. Still, the total energy dissipated by specimen C1-L in 

the 6.50 in. (16.5 cm) drift cycles was 11.1 kip-ft. (15.0 kN-m), whereas specimens C2-LRT, C3-

LRS, and C4-RT dissipated much higher energy levels of 54.1 kip-ft. (73.4 kN-m), 53.8 kip-ft. 
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(72.9 kN-m), and 27.4 kip-ft. (37.1 kN-m), respectively, so it would still not achieve energy 

dissipation in even close to the other specimens.  Specimens C2-LRT and C3-LRS demonstrated 

similar hysteretic energy dissipation with the exception of the 10.4 in. (26.4 cm) displacement 

cycle which specimen C2-LRT was not cycled to. This was the only drift cycle that varied for 

these specimens. If the magnitude of energy dissipated by specimen C3-LRS is assumed the same 

for specimen C2-LRT had it been cycled to this drift level, the total hysteretic energy dissipated 

by specimen C2-LRT can be assumed as 260.1 kip-ft. (352.6 kN-m), which is closer in magnitude 

to that dissipated by specimen C3-LRS. All of the specimens typically showed the greatest 

hysteretic energy dissipation in the first cycle of the displacement level and an increasing trend of 

higher energy dissipation through the higher drift levels. This is observed when not considering 

the half-cycles performed at the higher drift levels for specimens C2-LRT, C3-LRS, and C4-RT. 

However, for specimen C4-RT, if the energy dissipated in the first half-cycles during the 10.4 in. 

(26.4 cm) and the 11.8 in. (30.0 cm) drift cycles are conservatively doubled to produce energy 

dissipated for an assumed full-cycle, the magnitude is still less than for the previous drift level, 

indicating that reduction in energy dissipation began to occur at the higher drift levels for 

specimen C4-RT, compared to that of specimens C2-LRT and C3-LRS, which exhibited overall 

increasing energy dissipation for each increasing drift level. The lower overall hysteretic energy 

dissipated by specimen C4-RT compared to specimens C2-LRT and C3-LRS is representative of 

the lower stiffness of the specimen due to the removed lap splice reinforcing steel, resulting in 

lower energy dissipation capacity of the specimen. Comparable specimen strength and stiffness 

response for specimens C2-LRT and C3-LRS is representative of the similar magnitude of energy 

dissipation capacity by those specimens.  
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4.6 Failure Modes 

 
The failure mode of the non-retrofitted specimen was attributed to bond deterioration of the spliced 

longitudinal reinforcement bars, which led to splitting of the concrete along the lap splice length 

and spalling of cover concrete at the base of the column. The column experienced strength 

degradation and stiffness following failure of the lap splice. The internal reinforcement bars did not 

yield prior to failure (reinforcement strains are discussed in a later section). Failure of the lap splice 

and inability to resist flexural demand was the ultimate failure mode of the non-retrofitted 

specimen. It was able to maintain axial load-carrying capacity post-failure, precluding buckling of 

the longitudinal reinforcement bars or crushing of the concrete at the base of the column.  

 

The failure modes of the retrofitted specimens C2-LRT and C3-LRS are unknown because the 

columns did not reach a conclusive failure point during testing. The specimens experienced strength 

degradation following failure of the lap splice but this was not the ultimate failure mode of the 

columns. They maintained flexural resistance after failure of the lap splice and ductile yielding 

through the final load cycles. The strains in the longitudinal reinforcement indicate that the lapped 

bars developed fully prior to failure. Axial load-carrying capacity was maintained through all 

displacement cycles.  

 

Ultimate failure of specimen C4-RT was fracture of the vertical TiABs on the south face of the 

column during the final drift cycle. Out-of-plane buckling of the SE bar occurred prior to it 

fracturing. Flexural resistance and ductile yielding of the column were observed up to failure. Axial 

load-carrying capacity was maintained through all displacement cycles and post-failure. 
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4.7 Steel Reinforcement Strains 
 
 
Strain data was obtained for the longitudinal and transverse steel reinforcing bars from tests of 

specimens C1-L, C2-LRT, and C4-RT. The strain data that is presented are those that indicated 

reliable readings. Some strain plots developed unreliable data past certain strain values. This data 

was truncated from the presented plots. 

 

4.7.1 Strain Gage Notation 
 
The strain gages on the longitudinal steel bars are denoted by their location, bar type, specimen 

number, and level number. The first two symbols denote location as “NW” or “SW”. The third 

symbol denotes whether the gage is on the longitudinal column bar or the longitudinal footing bar 

as either “F” or a “C” for ‘footing’ and ‘column,’ respectively. The fourth symbol denotes test 

specimen number as “1” through “4”. The fifth symbol denotes level number of the strain gage. 

Explanation of gage notation for the longitudinal steel bars is provided in Figure 4-21. 

 

 

Figure 4-21: Notation of strain gages on longitudinal steel bars 

 
 
The strain gages on the transverse reinforcing steel bars are denoted by their location on the column 

face, specimen number, and level number. The first symbol denotes location as “N”, “S”, or “W”. 

The second symbol is a “T” to denote the steel ties. The third symbol denotes specimen number as 

“1” through “4”. The fourth symbol denotes level number as “1” through “6”. Level 1 corresponds 
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to the bottom most transverse steel tie. Explanation of gage notation for the transverse steel bars is 

provided in Figure 4-22. 

 

 

Figure 4-22: Notation of strain gages on transverse steel bars 

 

Strain gages on the vertical TiABs are denoted by their location on the column face, specimen 

number, and level number. The first symbol is a “V” to denote a vertical TiAB. The location is 

described with two symbols: the first letter corresponds to the column face to which the TiAB is 

anchored and the second letter corresponds to the position on the column face. The fourth symbol 

denotes test specimen number as “2” through “4”. The fifth symbol denotes level number as “1” 

through “3”. Level 1 corresponds to the lowermost strain gage. Explanation of gage notation for 

the longitudinal titanium-alloy bars is provided in Figure 4-23. 

 

 

Figure 4-23: Notation of strain gages on vertical TiABs 
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The strain gages on TiAB spirals are denoted by their location, specimen number, and level number. 

The first symbol is an “S” to denote the TiAB spiral. The second symbol denotes location as “N”, 

“S”, or “W”. The third symbol denotes specimen number as “2” through “4”. The fourth symbol 

denotes level number as “1” through “5” (specimen C3-LRS) or a “1” through “6” (specimens C2-

LRT and C4-RT). Level 1 corresponds to the bottommost strain gage. Explanation of gage notation 

for the TiAB spiral is provided in Figure 4-24. 

 

Figure 4-24: Notation of strain gages on transverse TiABs 

 

 

4.7.2 Longitudinal Steel: Specimen C1-L 

The strain data from the longitudinal column steel reinforcing bars at the level 7 gages from test 1 

are shown Figure 4-25 and Figure 4-26. The strain response plots at the remaining levels are 

provided in Appendix B. 
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Figure 4-25: Strain response gage NWC17 

 

 

Figure 4-26: Strain response gage SWC17 
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The strain data from the longitudinal footing bars at the level 1 and level 4 gages from test 1 are 

shown in Figure 4-27 through Figure 4-28. The strain response plots at the remaining levels are 

provided in Appendix B. 

 

 

Figure 4-27: Strain response gage NWF11 
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Figure 4-28: Strain response gage SWF11 

 

All of the strain responses on the longitudinal steel bars demonstrated similar behavior of linear 

strain response up to the point of lap splice failure, followed by gradual stiffness degradation as the 

lap splice bond degraded. This was indicative of the point of peak strain magnitude in the bars that 

occurred at approximately the same drift displacement at which global column lap splice failure 

occurred of 1.47 in. (37.3 mm). Lower-magnitude, decreasing strain levels were then obtained in 

the bars due to loss of bond strength and the negative slope represents deterioration of the lap splice 

as the column was cycled to higher drift levels. 

 

The strain data on the NW and SW column bars were truncated at the point of lap splice failure in 

order to evaluate the development of stress in the longitudinal reinforcement bars prior to failure 

and their effect on overall column response. These are shown in Figure 4-29. 
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Figure 4-29: Specimen C1-L column reinforcing steel strain response prior to lap splice failure 

 
 

The plots are evaluated based on the average nominal yield strain of the #10 reinforcing bars of 

2,720 µε. Strain readings on the column reinforcement bars indicate no yielding of the longitudinal 

reinforcement prior to failure of the column. Yielding of the longitudinal SW column bar at the 

level 5 gage (within the lap zone) in the column eventually occurred at a drift displacement of 7.9 

in. (20.1 cm), reaching a strain of 2620 µε and corresponding to drift ratio of 5.5%. Yielding of the 

NW foundation bar occurred at a tip displacement of -0.55 in. (-1.40 cm) and -1.42 in. (-3.61 cm) 

at the level 2 and level 5 gages, respectively, prior to column failure, reaching maximum strains of 

5630 µε and 3070 µε at the level 2 and level 5 gages, respectively. No other reliable readings on 

the longitudinal steel bars in the foundation or the column indicated strain levels past yield during 

testing. The inability for the longitudinal column reinforcement bars to yield along the lap splice 

length resulted in lap splice failure and relative slip between the footing reinforcement bar and the 
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column reinforcement bar. Yielding of the NW footing reinforcement bar prior to column failure 

indicated that some of the bars may be able to be developed fully but this occurred nearly 

simultaneous to lap splice failure and only occurred at that single location. Still, no yielding was 

observed in either of the column bars or the SW footing bar so globally, this resulted in non-ductile 

failure of the column. 

 

4.7.3 Longitudinal Steel: Specimen C2-LRT 

Strain data from the longitudinal reinforcement bars at the level 7 gages from test 2 are shown in 

Figure 4-30 and Figure 4-31. The strain response plots at the remaining levels are provided in 

Appendix B. 

 

 

Figure 4-30: Strain response gage NWC27 
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Figure 4-31: Strain response gage SWC27 

 

The strain data from the NW longitudinal footing bar at the level 3 gage and the SW longitudinal 

footing bar at the level 1 gage are shown in Figure 4-32 and Figure 4-33. The strain response plots 

at the remaining levels are provided in Appendix B. 
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Figure 4-32: Strain response gage NWF23 

 

 

Figure 4-33: Strain response gage SWF21 
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The level 5 and level 7 gages on the NW column bar indicated reaching yield levels at drift 

displacements of -3.18 in. (-8.1 cm) and 6.23 in. (15.8 cm), respectively, and reaching strain levels 

of 2700 µε and -3100 µε, respectively. These correspond to drifts of 2.2% and 4.3%, respectively. 

The level 7 gage indicated yielding in compression. The level 4 gage on the SW column bar 

indicated reaching yield at a drift displacements of 2.70 in. (6.9 cm), corresponding to drift of 1.9% 

and reaching a maximum strain of 2850 µε. The level 7 gage on the SW column bar did not reach 

the average nominal yield strain but showed similar response to the equivalent level 7 gage on the 

NW column bar, where the occurrence of bond slip is observable from the maximum strain level 

that is reached past tip displacement of -3.13 in. (-8.0 cm) and then transition to a lower strain shelf 

following lap splice failure. Transition of strain levels from an upper to a lower shelf was a result 

of bond deterioration and inability of the lap splice bars to reach their initial strain capacity once 

the lap splice bond was broken. 

 

This behaviour occurred to both gages at a drift displacement of -6.0 in. (-15.2 cm) and 6.28 in. 

(16.0 cm), respectively, which can be compared to the overall load-displacement response curve, 

where the transition to the lower strength shelf occurred at a drift displacement of 6.30 in. (16.0 

cm). Even though the strain from the level 7 gage on the NW bar indicated yielding, lap splice 

failure still occurred. The level 4 gage on the SW column bar showed strain shelf transition, 

occurring at a drift displacement of 4.66 in. (11.8 cm), before the overall column response indicated 

lap splice failure. 

 

The level 1 and level 3 gages on the SW and NW foundation bars, respectively, again indicate lap 

splice failure at a drift displacement of 5.90 in. (15.0 cm) and 6.28 in. (16.0 cm), respectively. This 

is also visible due to the transition to a lower strain shelf after lap splice failure. 
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4.7.4 Longitudinal Steel: Specimen C4-RT 
 

The strain data from the NW and SW column bars at the level 7 gages from test 4 are shown in 

Figure 4-34 and Figure 4-35. The strain response plots at the remaining levels are provided in 

Appendix B. 

 

 

 

Figure 4-34: Strain response gage NWC47 



106 
 

 
 

 

Figure 4-35: Strain response gage SWC47 

 

The gages on the column bars on specimen C4-RT indicated no yielding during testing, as 

expected. The upper level gages (levels 7 and 8) reached maximum strain levels of approximately 

1500 µε to 2000 µε. This indicates that some flexural resistance was provided by the internal 

reinforcement but not at the base of the column, where the TiABs provided all of the flexural 

stiffness. 

 

4.7.5 Transverse Steel: Specimen C1-L 
 

Strain gages were located on the bottom most six transverse steel ties on all existing columns. They 

were placed on the north, west, and south sides as previously shown in the instrumentation plans. 

The strain data was used to evaluate the contribution of the steel reinforcement ties in providing 

confinement to the column compared to the transverse TiABs. The levels 1-5 gages are located 
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within the retrofitted length. The level 6 gage was located 6 in. (15.2 cm) above the top of the 

retrofitted section. 

 

Strain data from the transverse steel tie at the level 2 gage for test 1 is shown in Figure 4-36. The 

strain response plots at the remaining levels are provided in Appendix B. 

 

 

 

Figure 4-36: Strain response gage NT12 

 

Each of the strain gages demonstrated large strain increases to their maximum recorded strain value 

and then gradual strain settling as the column was pushed to higher drift displacements. This 

occurred at a drift displacement of approximately 1.50 in. (3.8 cm), corresponding to the 

displacement level at which the column failed due to lap splice failure. The north side gage at level 
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2 indicated that the column tie yielded, reaching approximately 3000 µε. The other gages 

approached strain levels between 1500 µε and 2500 µε. The occurrence of this spike in strain levels 

in the column ties simultaneously during lap splice failure indicates that as the lap bond began to 

break, dilation in the column occurred and caused the ties to expand outward. Because of the strain 

settling behavior that is seen through the rest of the drift levels, it is possible that the progressive 

weakening of the bond through cycling caused the lap splice to degrade further and further until 

the column dilation diminished. The initial rise in strain level could be due to the adjustment in 

longitudinal bar positioning that occurred right as the lap initiated failure. 

 

In addition, reviewing the strain responses in the longitudinal column and footing bars in specimen 

C1 also supports the occurrence of stress relaxation in the ties due to bond deterioration. They 

began to decrease at a drift level of 1.50 in. (3.8 cm) indicating lap splice failure and coinciding 

with the initiation of strain reductions in the transverse ties. 

 

4.7.6 Transverse Steel: Specimen C2-LRT 
 

Strain data from the transverse steel tie at the level 2 gage for test 2 is shown in Figure 4-36. The 

strain response plots at the remaining levels are provided in Appendix B. 
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Figure 4-37: Strain response gage NT22 

 

The strain data on the steel transverse ties in specimen C2-LRT show similar behavior to those 

from specimen C1-L in that they reached higher strain levels prior to lap splice failure and then 

strain settling is observed. The gages would spike to a peak value and then settle into back-and-

forth cycles as the strain in the ties decreased gradually to a plateau value. The west side gages 

reached maximum strain and plateau strain values of 1890 µε and 335 µε, 2360 µε and 540 µε, and 

1745 µε and 400 µε, at levels 1, 2, and 3, respectively. The north side gage reached a maximum 

strain of 2970 µε and lost reading before settling to a plateau value. The west side gages provided 

consistent readings through all displacement cycles.  

 

Lap splice failure was concluded to occur at a drift level of approximately 6.3 inches for specimen 

C2-LRT. Yielding initiated at a drift level of approximately 2.33 in. (5.9 cm). Generally, each of 

the gage readings indicated that decreasing strain levels began to occur between these drift limits, 
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again indicating that failure of the lap bond initially caused dilation of the column and eventual 

relaxation as the bond further deteriorated. Interestingly, the strain data on the west side tie at level 

1 for specimen C2-LRT did not indicate strain settling that is seen in the other plots. Because this 

was observed for the bottommost tie, it is possible that even after lap splice failure and relaxation 

of column dilation over the column height, the greater stresses at the base of the column caused 

this tie to remain in tension and not relax as bond deteriorated progressed.  

 

4.7.7 Transverse Steel: Specimen C4 
 
 
The strain data from the transverse steel tie at the level 5 gage for test 4 is shown in Figure 4-38. 

 

 

Figure 4-38: Strain response gage WT45 
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Specimen C4-RT did not contain an internal lap splice as in the other cases, therefore the strain 

behavior in the column ties varied from the other specimen tests. Data at only one location makes 

it difficult to draw general conclusions about the overall behavior of the steel transverse ties, 

however the distinct difference in behavior supports the conclusion that the strain settling behavior 

stemmed from the occurrence of lap splice failure. Unlike the strain behavior in the ties for 

specimens C1-L and C2-LRT, which demonstrate the largest strains prior to lap splice failure, the 

strain data from the west gage at the level 5 tie showed that the highest strain levels occurred at the 

highest drift displacements. 

 

The column ties in the non-retrofitted specimen reached the highest maximum strains, as expected, 

compared to those reached by the column ties in the retrofitted specimens. The strains from 

specimens C1-L and C2-LRT showed an overall decreasing pattern of maximum reached strain 

values from the lowermost to the uppermost tie, as expected because of largest demands at the base 

of the column. The lower strain levels observed in the transverse reinforcement for the retrofitted 

specimens may be consequential of the additional confinement that was provided by the TiAB 

spiral, which allowed for less demand on the internal steel ties. 

 

4.8 TiAB Reinforcement Strains 
 
 
Strain data was obtained for the longitudinal TiABs from tests of specimens C2-LRT and C4-RT. 

The strain data from gages on the primary flexural bars (anchored to north and south column faces) 

and the secondary flexural bars (anchored to east and west column faces) is evaluated to compare 

to the contribution of the steel flexural bars to the TiAB flexural bars. The strain data on the gages 

of specimen C2-LRT are also compared to the strain data on the equivalent specimen C4-RT gages 

to evaluate column response when relying solely on the vertical TiABs for flexural resistance. 
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The strain data from the vertical TiABs was inconsistent and unreliable at high drift levels. Most 

of the gages showed sporatic readings beginning at low drift levels, which are not reliable for 

evaluation of the TiAB responses. In addition, two types of behavior were observed for the vertical 

TiABs: (1) cyclic negative and positive stress reversals and (2) cyclic positive-only stresses. The 

cause for varying observed responses are discussed. 

 

4.8.1 Longitudinal TiABs: Specimen C2-LRT 
 
 
Strain data from the NE vertical TiAB at the level 3 gage and the SW vertical TiAB at the level 2 

gage for test 2 are shown in Figure 4-39 and Figure 4-40. 

 

 

Figure 4-39: Strain response gage VNE23 
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Figure 4-40: Strain response gage VSW22 

 

4.8.2 Longitudinal TiABs: Specimen C4-RT 
 

Strain data from the SW vertical TiAB at the level 2 gage and the EN vertical TiAB at the level 2 

gage for test 4 are shown in Figure 4-41 and Figure 4-42. 
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Figure 4-41: Strain response gage VSW42 

 

 

Figure 4-42: Strain response gage VEN42 
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The two response types from the vertical TiABs are indicative of the bar anchorage location, where 

those demonstrating stress reversal were located on the bars on the primary flexural column faces 

(north and south) and those demonstrating tension stresses only were located on the bars on the 

secondary flexural column faces (east and west). The stress reversal behavior was expected, where 

the bars alternated between tension and compression depending on the direction of loading and 

anchorage location (north bars in tension for negative tip displacement and south bars in tension 

for positive tip displacement). However, the SW bar on specimen C2-LRT and the EN, ES, and 

WN bars on specimen C4-RT did not demonstrate stress-reversal type behavior. For specimen C4-

RT, this could indicate that the neutral axis of the section while the column was in flexure was 

located beyond the vertical anchorage location of the TiAB; this is also supported by the low 

compression strains, where the bars still carried compressive stresses at low drifts prior to going 

into tension, and the magnitude of the strains on the bars located on the compression side of the 

plastic neutral axis were consistently lower than the strains through the drift levels where the bar 

would be expected to exhibit tension stress, indicative by the non-symmetric “V” strain patterns. 

However, this behavior was recorded by the south anchored bars on specimen C2-LRT, which does 

not agree. The strain data presents only tensile strains in these TiABs where the neutral axis was 

not expected to extend as far. Potentially, this could indicate that the bars were elastically buckling 

in compression rather than shortening; the slender un-bonded TiAB length could have allowed for 

the bar to bend in or out of plane rather than shorten due to compressive stresses. Unfortunately, 

the strain data was only reliable at low drift levels for most of the gages. However, even if global 

buckling of the vertical TiABs occurred, this was still within their elastic range since no residual 

damage was observed during the post-test inspections. The one exception is the TiAB from 

specimen C4-RT anchored at the WS location, whose final state showed clear permanent 

deformation due to in plane buckling. No strain gages anchored to this bar provided reliable 

readings so support of this assumption is limited. 
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The rest of the bars that demonstrated stress-reversal behaviour typically applied to those that were 

anchored on the primary flexural column faces, which were obtained for the NE bar on specimen 

C2-LRT and the SW and SE bars on specimen C4-RT (strain data for the remaining bars on 

specimen C2-LRT was only obtained at very low drift levels so their “end behavior” is unknown). 

This suggested that those bars were invariably located within the compression block of the section 

while the column was in flexure. This is expected behavior for those bars near the extreme 

tension/compression fibers of the section. One interesting response to note was the varying slope 

for the bars in compression than in tension, for positive tip displacement than for negative tip 

displacement. Although the bars were still able to carry compressive stresses, this may also support 

the assumption that elastic buckling was occurring to the bars in compression such that the stiffness 

of the bars is not as great in compression as when they were in tension. However, this would have 

been slight enough to only reduce the stiffness of the bar rather than eliminate its flexural 

contribution altogether. 

 

The observed rupture of the hook anchorages and coning near the footing anchorages of the vertical 

TiABs that occurred to the retrofitted specimens did not seem to affect the flexural contribution of 

the vertical TiABs. For a majority of the gages, strain data was unreliable at the high drift levels so 

strains in the vertical TiABs at these displacement levels are unknown but the strain paths remained 

nearly linear up to this point and showed no indication of altering strain paths as would be expected 

if the bar anchorages were damaged and the TiABs were unable to maintain their initial stiffness. 

This indicated that the footing cover concrete was the only portion damaged and that no actual 

degradation of the epoxy bond between the vertical TiABs and the surrounding concrete occurred, 

such that structural performance was not altered. 
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If the strain paths of the vertical TiABs are linearly extrapolated (beyond the levels where data was 

cut off) to the maximum measured drift displacements of the columns (both specimens C2-LRT 

and C4-RT), it can be assumed that some of the vertical TiABs would have yielded at high 

magnitude drift levels despite truncated data once the gages were damaged. This is using the 

experimental average yield strain from coupon testing of 11,500 µɛ. In addition, the strains in the 

vertical TiABs from specimen C4-RT were much greater at lower drift levels in comparison to 

those in specimen C2-LRT, as expected since flexural leverage provided by the footing reinforcing 

bar was eliminated. 

 

4.8.3 Transverse TiABs: Specimen C2-LRT 
 
 
Strain data from the W spiral TiAB at the level 2 gage is shown in Figure 4-43. 

 

 

Figure 4-43: Strain response gage SW22 
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4.8.4 Transverse TiABs: Specimen C4-RT 
 

Strain data from the W spiral TiAB at the level 2 gage for test 4 is shown in Figure 4-44. 

 

 

 

Figure 4-44: Strain response gage SW42 

 

The strain data from the spiral TiABs indicated that the maximum strains were much lower than 

the nominal yield strain of the TiABs. The maximum reached strain by the TiAB spiral on specimen 

C2-LRT was 800 µε. The maximum reached strain in the TiAB spiral on spceimen C4-RT was 915 

µε. These correspond to approximately 10% of the experimental yield strain. These strain levels 

are lower than desired. Although definitive failure points were not reached in specimens C2-LRT 

and C3-LRS during testing, yielding of the TiAB spiral is desired for ductile failure. Strain levels 

in the TiAB spiral of specimen C3-LRS were not obtained but are assumed to be of similar 

magnitude based on the similar overall response of C2-LRT and C3-LRS. The gradual strain 
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settling behavior by the transverse steel ties indicates that the provided confining ties in the original 

columns will not yield at high drift levels because of the suspected relaxation of column dilation as 

lap deterioration occurred. Therefore, the TiAB spiral should be pushed to higher levels in its elastic 

range. 

 

4.9 Column Ductility 
 
 
Column ductility is evaluated based on displacement ductility and curvature ductility. 

Displacement ductility was computed as the ratio of the column tip displacement at failure to the 

column tip displacement at the reference yield displacement of the column. The curvature ductility 

was determined between each of the instrumentation bracket levels and was computed as the ratio 

of the section curvature at which stiffness degradation initiates to the yield curvature defined by 

Watson et al. (1994). 

 

4.9.1 Displacement Ductility 
 
 
The column drift displacements at yield are determined based on the load-displacement curves from 

each of the specimen tests, shown in Figure 4-45(a) through (d). The yield displacements were 

identified as 1.05 in. (2.7 cm), 1.08 in. (2.7 cm), 1.06 in. (2.7 cm), and 2.51 in. (6.4 cm), from 

theoretical moment-curvature analyses of specimens C1-L, C2-LRT, C3-LRS, and C4-RT, 

respectively. These points are selected as the moment where first yielding of the internal steel 

occurs (adjusted for difference in experimental moment capacity to theoretical moment capacity). 

Specimens C2-LRT, C3-LRS, and C4-RT demonstrated strength degradation during testing but 

were still considered to be behaving in a ductile manner beyond the lap splice failures. Specimen 

C4-RT was considered to be behaving in a ductile manner up to the point of TiAB fracture. The 
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displacement ductility plots for specimen tests C1-LRT and C4-RT are truncated after their failure 

points. 

 

 

                                     (a)                                                                              (b) 

 

                                     (c)                                                                              (d) 

Figure 4-45: Displacement ductility response 

 

The maximum displacement ductility values of specimens C1-L, C2-LRT, C3-LRS, and C4-RT 

were 1.4, 10.4, 10.6, and 4.0, respectively. The maximum ductility values are achieved while the 

column was in positive curvature (positive tip displacement) because the available actuator stroke 
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was greater in the direction of positive tip displacement. The curves in specimen tests C2-LRT and 

C3-LRS represent the full displacement ductility cycles. Specimens C2-LRT and C3-LRS are 

considered to remain ductile past the point of lap splice failure, indicative of the transition from the 

upper strength shelf to the lower strength shelf and thus reach very high displacement ductility 

values compared to specimens C1-L and C4-RT. The curves for specimen tests C1-L and C4-RT 

are truncated at the failure points. For specimen C1-L, the failure point was selected as the point 

where strength degradation initiated. For specimen C4-RT, the failure point was selected as the 

point of the first TiAB fracture. This is indicative of the point where the load displacement curve 

shows a sudden drop in flexural resistance in the final positive displacement cycle. The maximum 

ductility level reached by specimen C4-RT corresponds to the displacement ductility value reached 

during the displacement cycle previous to the displacement cycle during which the TiABs 

fractured. 

 

Specimen C1-L showed essentially zero ductile behavior. There was a short plateau where the 

specimen maintained flexural strength before the load displacement curve drops off. Specimens 

C2-LRT and C3-LRS reached high displacement ductility values and could have potentially 

reached a higher ductility if they were tested to failure. 

 

The positive envelopes of the load-ductility response of each of the columns were combined to 

develop backbone curves for comparison of ductility levels reached prior to failure. This is shown 

in Figure 4-46. 
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Figure 4-46: Envelope of displacement ductility response 

 

Flexural response of specimens C2-LRT and C3-LRS was very similar, where the columns were 

cycled to the same maximum displacement level and yielded at similar displacement levels. 

Specimen C4-RT did not reach an impressive ductility value but its response may have been 

inhibited due to potentially premature fracture of the TiABs during the final displacement cycle 

due to tensioning of the buckled areas. Had proper confinement been provided to the very base of 

the column, bar buckling and eventual fracture may have been able to be delayed to a later drift 

cycle or avoided within the available actuator displacement stroke. 
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4.9.2 Curvature Ductility 
 
 
Average curvatures were computed between elevations of the externally mounted brackets. 

Curvature was computed as the average rotation between bracket elevations using measurements 

from the vertical displacement sensors located on the north and south sides of the columns which 

measured elongation on the tension face and shortening on the compression face. The average 

curvature was then calculated relative to the horizontal distance between the mounting brackets. 

This is shown in Figure 4-47. The horizontal separation was measured as 31 in. (0.79 m) for 

specimen test C1-L and 46.5 in. (1.18 m) for specimen tests C2-LRT, C3-LRS, and C4-RT. The 

spacing is larger for the retrofitted specimens due to the additional width of the TiAB spiral 

reinforced concrete shell.  

 

 

Figure 4-47: Calculation of column curvature 
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Reliable curvature data from each of the specimens was obtained only from the level 1 bracket 

sensors and the curvature responses are shown in Figure 4-48(a) through (d). This corresponds to 

curvature of the column section located between the top of the footing and the lowermost 

instrumentation bracket. 

 

 

   (a)                                                                            (b) 

 

   (c)                                                                            (d) 

Figure 4-48: Column base curvature response 
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The elevation of the level 1 bracket on specimen C1-L was varied from those elevations for 

specimens C2-LRT, C3-LRS, and C4-RT. Thus, direct comparison of column curvature is valid 

for those specimens with consistent bracket locations. 

 

The reference yield curvature was used to compute column curvature ductility and is based on the 

theoretical moment-curvature analyses and identified the first yielding of internal steel occurs 

(adjusted for difference in experimental moment capacity to theoretical moment capacity). The 

yield curvatures were identified as 0.00356 in-1 (0.00140 cm-1), 0.00308 in-1 (0.00121 cm-1), 

0.00380 in-1 (0.00149 cm-1), and 0.0112 in-1 (0.00441 cm-1) for specimens C1-L, C2-LRT, C3-

LRS, and C4-RT, respectively. The curvature ductility values for specimens C1-L, C3-LRS, and 

C4-RT were computed as 1.4, 7.9, and 2.3, respectively, using the same respective reference 

failure points as for the displacement ductility computations. The curvature ductility for specimen 

C2-LRT is not computed due to incomplete curvature response data due to disruption to the level 

1 vertical displacement sensor during testing. Although the database of curvature ductility values 

of the specimens is limited, the computed values agree with the trend in displacement ductility 

values, as would be expected between the relationships of largest curvatures resulting in the 

largest top deflections. Specimen C1-L exhibited the lowest curvature ductility which was 

truncated after lap splice failure. Specimen C3-LRS demonstrated the highest curvature and 

displacement ductility values assuming a failure point was not reached. Specimen C4-RT 

exhibited a curvature ductility lower than specimen C3-LRS up to the point of TiAB fracture. 

These results agree with the displacement ductility results, demonstrating a consistent trend 

between curvature and tip displacement in the specimens. The flexural deformations were 

expected to be large relative to shear deformations due to the tall geometry of the columns. 
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4.10 Column Shear 
 
 
The shear deformations were computed for each column section using the diagonal displacement 

sensors which measured shortening on the column tension side and elongation on the column 

compression side. The column deflections due to shear deformations were then computed as the 

average horizontal displacement of the sensors relative to the assumed fixed sensor attachment 

points. The deformed gage angle was calculated using shear compatibility of the vertical distance 

between sensors such that the undeformed gage length, L0, times the sine of the undeformed gage 

angle, α, must be equal to the deformed gage length, (L0+δ), times the sine of the deformed gage 

angle, β. The shear deflection, Δ, is then computed relative to the assumed fixed section base as the 

deformed gage length times the cosine of the deformed gage angle, as shown in Figure 4-49. 

 

 

Figure 4-49: Calculation of shear deflection 

 

The shear deformation response from the reliable diagonal displacement data for specimens C1-

L, C2-LRT, and C4-RT is shown in Figure 4-50(a) through (c). 
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                                                  (a)                                                                             (b) 

 

                                                  (c) 

Figure 4-50: Shear deflection response 

 

The computed deflections due to shear translation were small relative to the total drift of the 

column, supporting that the column deformations were flexurally dominant. The shear 

deformations computed from the level 3 brackets on specimen C1-L exhibited an increase in 

shear deformation as the column capacity decreased at approximately the lateral column force at 

which lap splice failure occurred. Specimen C1-L did not fail in shear, however the response at 
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the base of the column indicated that reduction in shear resistance either contributed to lap splice 

failure or was a result of lap splice failure. Specimens C3-LRS and C4-RT exhibited gradually 

increasing shear deformations at increasing load levels most likely due to increased shear 

resistance in those columns with TiAB spiral reinforced concrete shells. 

 

4.11 Retrofit Bond 
 
 
The retrofitted columns were wrapped with plastic sheeting to keep the underlying column and the 

concrete shell from bonding and becoming composite. There were two other potential sources for 

bonding between the existing column and the retrofit: (1) mechanical bond between the TiABs and 

the concrete shell and (2) epoxy adhesion between the instrumentation rods and the concrete shell 

from excess epoxy seeping into the drilled area within the shell concrete. 

 

The first was due to the TiABs being left untreated and concrete cast around the body of the bar 

allowing for mechanical adhesion and/or friction between the vertical TiABs and the concrete shell. 

The second (seepage of epoxy between the as-built column and the retrofit zone) was minimized 

but unable to be avoided entirely. However, this source would not be an issue in actual application. 

 

Strain gages were placed at three elevations on each of the vertical TiABs to analyze the bond 

between the shell and the TiABs. The initial assumption was that no bond existed between the bars 

and the shell such that strain would be uniform along the entire length of the bar. It was also 

assumed that the embedded lengths of the vertical TiABs were greater than the ACI 318-11 

specified development length for deformed bars in tension such that the bar is able to fully develop 

where they extended out of the footing. The strain data from the TiABs with reliable gage readings 

at multiple gage levels is presented in Figure 4-51 through Figure 4-54. For the second test, these 
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are the EN, ES, NE, SW, and WS bars. The TiABs with three functioning strain gages are more 

reliable for assessment of bond development. 

 

 

Figure 4-51: Strain response comparison of EN TiAB gages on specimen C2-LRT 
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Figure 4-52: Strain response comparison of ES TiAB gages on specimen C2-LRT 

 

Figure 4-53: Strain response comparison of NE TiAB gages on specimen C2-LRT 

 



131 
 

 
 

 

Figure 4-54: Strain response comparison of SW TiAB gages on specimen C2-LRT 

 

The EN and NE vertical TiABs from specimen C2-LRT suggested that mechanical bond was not 

developed between the concrete shell and the bars. This is supported by the similar strain paths 

followed by the strain gages at the various levels on a single bar. This follows the assumption that 

strain is uniform along the un-bonded length. The ES and SW vertical TiABs suggested that 

mechanical bond was developed with the concrete shell, showing noticeable variations in the 

measured strains at the same drift levels. 

 

The strain data from which bars with reliable gage readings on at multiple gage levels in Test 4 is 

presented in Figure 4-55 and Figure 4-56. These are the ES and SW bars. 
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Figure 4-55: Strain response comparison of ES TiAB gages on specimen C4-RT 

 

 

Figure 4-56: Strain response comparison of SW TiAB gages on specimen C4-RT 
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The ES vertical TiAB from specimen C4-RT suggested that mechanical bond was not developed 

between the concrete shell and the bars. Although the level 1 gage cut off beyond drift level of 

about 1 in., the strain data follows very similar strain paths, indicated uniform strain along the un-

bonded length as the bar deformed. The SW vertical TiAB suggested that mechanical bond may 

have been developed near the footing anchorage of the bar but less so along the body of the bar. 

The level 2 and level 3 gages follow very similar strain paths. The level 1 gage shows much higher 

strains at the same drift levels than the levels 2 and 3 gages. 

 

Developing bond between the vertical TiABs and the concrete shell was not desired since 

composite behavior between the vertical TiABs and the TiAB spiral reinforced shell was not 

intended (the vertical bars provided flexural leverage and restoring forces to the column and the 

TiAB spiral reinforced shell provided confinement to the column base and prevention vertical TiAB 

buckling). The comparison of strain data from gages on the same TiABs suggested that mechanical 

bond between the TiAB spiral reinforced shell and the vertical TiABs was developed in some 

locations but not others but there was no apparent pattern by which locations bond was developed 

at. Mechanical bond development between the shell and the vertical TiABs was most likely random 

due to local material property variations and in some locations this was large enough to carry bond 

stresses. Treating the vertical TiABs with non-adhesive coating or providing a barrier around the 

vertical TiABs prior to casting could potentially eliminate bond development and ensure 

independent contributions from each system but the physical presence of the strain gages on the 

vertical TiABs was potentially a reason for the observed stress variations along the TiABs due to 

additional friction at the gage locations. 
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5 SUMMARY AND CONCLUSIONS 
 
 
Ductility performance of the retrofitted columns was much better compared to the non-retrofitted 

specimen. Where the failure point of the non-retrofitted column was very clear, the retrofitted 

columns with lap splices maintained flexural resistance up to higher drift levels. Strength 

degradation was less severe during post-peak response for the retrofitted specimens. The use of 

TiABs for seismic retrofitting of vintage RC columns could increase drift capacity of deficient 

columns and alter their failure modes from non-ductile to ductile. This is the first application of 

TiABs on columns therefore additional research is needed to develop a larger database for the 

overall performance of inadequate RC columns rehabilitated with TiABs. The results of four 

columns were presented in this paper. The main conclusions that can be drawn from these test 

results are: 

 

1. Columns retrofitted with TiABs can achieve post-peak ductile behavior even though 

internal lap splice failure occurs. Lap splice failure is representative of reduction in flexural 

capacity from peak strength shelf to a lower strength shelf up to column failure. Where 

failure of the lap splice is the ultimate mode of failure for the non-retrofitted specimen, it 

is not for the retrofitted specimens. 

2. Removing the internal lap splice prior to loading bypasses the upper strength capacity of 

the retrofitted specimens. The ultimate lateral capacities of the specimens with and without 

the internal lap splice is approximately equal. 

3. TiAB spiral reinforced concrete shell heights of 1.5ls and 1.67ls produced very similar 

column performance, indicating that retrofit height does not need to be designed for the 

ACI 318-11 required lap splice length for tension splices. Instead, confinement of the lap 

splice region is most critical in compensating for lap splice failure and the height of the 

retrofit may be able to be reduced to reduce material costs. 
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4. Retrofitting columns with inadequate lap splices does not prevent lap splice failure. 

Instead, it alters the failure mode from lap splice failure (non-ductile) to an alternate 

(ductile) mode of failure. 

5. The failure modes of the specimens having internal lap splices and retrofitted with TiABs 

were not identified. However, gradual strength degradation and ductile post-peak response 

is suggestive of a ductile ultimate failure mode. This should be further investigated. 

6. Bracing of the vertical TiABs along their unsupported length is critical for achieving their 

desired response. Lack of bracing of the vertical TiABs at their footing anchorages and 

insufficient TiAB spiral confinement at the base of the column was the ultimate cause for 

local buckling and fracture of the vertical TiABs on specimen C4-RT. 

7. Smaller diameter bars should be used for the TiAB spirals since strains in the spiral only 

reached approximately 10% of their yield strain. Additionally, the spirals should be placed 

at a tighter pitch around the vertical TiAB hook and footing anchorages and a double wrap 

should be included for the top and bottom spirals to ensure proper bracing and confinement 

of the vertical TiABs at the anchorage locations. 

 

Overall, the results of this study support the effectiveness of externally anchored TiABs for 

enhancing the performance of rectangular RC columns that are subjected to cyclic lateral loading. 

The feasibility of using TiABs for retrofitting techniques stems mostly from the improved ductility 

performance by the rehabilitated columns, however, workability of the TiABs, overall simple 

application procedure, long-term environmental durability, and easy inspection of the retrofit 

elements are other factors that make TiABs attractive. This is the first of research on TiABs for 

seismic column rehabilitation and additional testing is needed. 
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7 APPENDIX 

 

7.1 Appendix A 

 
Appendix A contains the reference drawings of the McKenzie River Bridge for column modeling 

of the specimens in this study. 
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7.2 Appendix B 

 

Appendix B contains the strain gage response plots for the reinforcing steel in specimens C1-L, 

C2-LRT, and C4-RT that were not shown in the report. 
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7.3 Appendix C 

 

Appendix C contains the strain gage response plots for the TiABs in specimens C2-LRT and C4-

RT that were not shown in the report. 
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